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ABSTRACT

Disposal of low-level radioactive wastes in caverns mined in rock 

is a feasible alternative to shallow land burial. Tunnel and room sys

tems may be used for waste disposal and a variety of other purposes. For 

economical construction, efficient hauling, and effective containment, 

wide, self-supported, and dry storage rooms are necessary. Favorable 

rock types for cavern siting are plutonic rocks, tuffs, and limestone.

Generic siting and design criteria include (1) layouts and dimen

sions, (2) prevention of failure modes, (3) elastic analyses, and (4) 

rock mass classifications. The proposed layout consists of parallel 

rooms separated by rib pillars and accessed by one or two tunnels.

Minimum dimensions are based on the height and turning radius of a stan

dard truck. Joint failures and roof and sidewalls fracturing are the 

most critical failure modes, and can be prevented by proper siting, 

alignment, and stability analyses. Homogeneous, elastic rock masses must 

have tensile strengths equal to intact rock tensile strengths or favor

able stress fields. In limestone, a competent immediate roof 8 to 16 ft 

thick prevents tensile fracturing above 40 to 60 ft wide openings under 

50 to 250 ft of overburden. Rooms with the required spans must be 

excavated in rock of very high quality, as classified by the Q-System 

and/or by the Geomechanics System. The Q-System is especially valuable 

because it provides guidelines for self-supported excavations, is based 

on numerous case studies in high quality rock, and gives good correlation 

between predicted and existing spans in limestone.

xv



CHAPTER 1

INTRODUCTION

1.1 Need for Underground Repositories 

Disposal of low-level radioactive waste (LLW) in caverns mined 

in rock is an alternative to the current practice of shallow land burial. 

Underground disposal at optimum sites is superior to shallow land burial 

with respect to environmental safety. This statement is supported by 

studies on radionuclide migration from shallow land burial facilities at 

West Valley, NY, and Maxey Flats, KY (Meyer, 1976) and by studies on the 

containment properties of rock for underground nuclear power plant siting 

(Bach, 1977; U.S. National Committee on Tunneling Technology, 1980). In 

addition, underground repositories offer greater security against dis

asters, both natural (e.g., earthquakes) and man-made (e.g., accidents).

An alternative methodology for LLW disposal may be required if 

recent trends affecting waste management continue. The most significant 

problem in LLW management is that sometime in the mid 1980? s, generators 

will produce more waste than the operating sites will be able to accom

modate (Oak Ridge National Laboratory, 1980). Another problem for future 

LLW management is that state and federal regulations are expected to 

become increasingly restrictive (Gilbert/Commonwealth, 1980).

A number of commercially owned burial sites (including those at 

Hanford, WA; Beatty, NV; Sheffield, IL; Maxey Flats, KY; West Valley, NY; 

and Barnwell, SC) have been temporarily or permanently closed in the past



five yearso Some of the reasons for closure of shallow burial facili

ties, such as transportation, packaging, and storage problems (Department 

of Energy, 1979; Coates and Bukro, 1979c) and political and social 

problems (Coates and Bukro, 1979a, 1979b, 1979c; Radwaste News, 1980) 

may have less impact on underground repositories.

lo2 Description of Low-Level Wastes

The definition of LLW as used here is given by Gilbert/ 

Commonwealth (1980): "Low-level radioactive waste . „ . is defined as

waste with radioactivity concentrations high enough that exposures in 

excess of those specified in Title 10 Part 20 of the Code of.Federal 

Regulations could result if the waste is not properly isolated, but with 

concentrations low enough that heat generation is not a factor in its 

disposal,"

Generators of LLW include the following facilities:

1 , nuclear power plants and reprocessing plants

2 , civil defense facilities and weapons manufacturing plants

3, research and medical institutions.

Due to the various waste generating processes, LLW has different compo

sitions, isotopic contents, and physical and chemical characteristics.

For a large portion of LLW generated, the long-lived fission product 

radionuclides Sr-90 and Cs-137 (with half-lives of approximately 30 years) 

control the time required for the waste to decay to nonhazardous activity

*Siting and design criteria for high-level and transuranic waste 
repositories have to be much more conservative and would include consid
erations (e.g., waste-rock interaction and much longer isolation periods) 
which are not necessary for LLW disposal.



levels o This decay time necessitates an isolation period on the order of 

hundred of years (Gilbert/Commonwealths 1980). According to Gilbert/ 

Commonwealth (1980), all forms of LLW could be disposed of in suitably 

located underground facilities.

Solid LLW (e.g., slightly contaminated clothing, filters, tools, 

equipment, and processing materials) are currently being transported in 

regular commerce. Packaging and transport of these wastes are subject 

to regulations dealing with radioactive material of low enough specific 

activity or in such small quantities that their accidental release would 

not create a significant radiological hazard. Solid LLW is monitored and 

placed in special containers to assure containment in normal conditions 

of transport. Experience has shown that these containers can survive 

serious accidents (Office of Nuclear Waste Isolation, 1980).

Although LLW has been transported, stored, and buried in differ

ent types of containers, it is assumed in this study that the size of 

waste containers allows hauling and unloading in an underground reposi

tory. A typical container is the standard 55-gallon drum.

An important consideration in determining the size and number of 

LLW disposal sites is the total storage volume required. The tremendous 

volume of LLW is one of the most important reasons for establishing an 

alternative to shallow land burial for LLW. According to estimates 

obtained from the Department of Energy, the annual volume of LLW gener

ated by private sources will increase from 3.6 million cu ft between 1976 

and 1980 to 14.5 million cu ft between 1980 and 1990 (Coates and Bukro, 

1979a). Actual volumes will be affected by recent and future changes in 

waste packaging practices (e.g., sorting, concentrating, and



immobilization)? in waste management regulations, and by the extended or 

reduced use of nuclear power. An estimate of waste volumes from nuclear 

power generation of 1000 MW is given in Table 1.1.

A projected range of nuclear power generation is given by ONWI 

(1980) as 148 to 390 one thous MW plants by the year 2000. A typical 

reactor produces about 50,000 cu ft of LLW per year, but if necessary, 

this volume could be compacted considerably (Office of Nuclear Waste 

Isolation, 1980).

1.3 General Criteria for Site Selection

1.3.1 Nontechnical Considerations

A comprehensive discussion of all factors affecting site selec

tion for LLW repositories is beyond the scope of this study, which focus

es primarily on geotechnical considerations. Nontechnical considerations 

may impose ultimate criteria for siting repositories. Important nontech

nical considerations include:

1 . political decisions 

' 2 . land use conflicts

3 . geographic distributions of population and waste generators

Political decisions on both the federal and state levels have a 

significant effect on many aspects of radioactive waste management. The 

National Governor’s Association adopted the following recommendations in 

its August 1980 National Meeting (Oak Ridge National Laboratory, 1980):

1. Each state should accept primary responsibility for the safe 

disposal of commercial LLW generated within its borders.
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Table 1,1 Radioactive Waste to be Disposed of Per Year from Nuclear 
Power Generation of 1000 MW(e) (from Richter and Lennemen, 
1977)1

Origin and Type 
of Waste

Quantities for Disposal 
(after treatment, concentration, 
and reconditioning)

Present Light Water Reactors
Low to intermediate level solid waste. 
Solidified liquid waste concentrates, 
Resins, etc.

approx. 1000-2500 drums 
(or in special containers 
or bulk form)

Spent Fuel Reprocessing
Low to intermediate level solid waste 540-700 drums 
and solidified liquid waste concentrates

Liquid LLW some thousands of cu m, 
depending on recycling efforts

Solid HLW 28 containers

^Data based on the IAEA Study on 
Centres, Vienna, 1977.

Regional Nuclear Fuel Cycle

2Note: 1 drum = 1 container = 200 L = 0.2 cu m



2. A regional approach for multistate management of LLW is prefer

able to the establishment of 50 separate sites.

Despite these recommendations, bills restricting or prohibiting the 

transportation and disposal of radioactive wastes have been introduced 

in several states (Oak Ridge National Laboratory, 1980).

Land use for LLW repositories should not conflict with potential 

development of natural resources. According to the Committee on Radio

active Waste Management (1978), "No area with present or past record of 

resource extraction, other than the bulk materials won by surface 

quarrying, should be considered as a geological site for radioactive 

waste," and "No area should be considered as a potential site for a 

repository unless sufficient geological information is at hand to provide 

a basis for a reasonable analysis of resource potential."

For economic and safety reasons, radioactive waste repositories 

should be located in relatively unpopulated areas, and yet at a reason

able haulage distance from major generators of LLW (i.e., nuclear power 

plants, spent fuel reprocessing plants, and institutional waste sources). 

Figure 1.1 shows that the distribution of nuclear power plants generally 

follows the distribution of population density in the U.S.

1.3.2 Initial Technical Criteria

The first steps in the selection of potential disposal sites 

should be the formulation and application of a set of search criteria. 

Potential host formations should have certain geologic and hydrogeologic 

characteristics that provide not only the containment required for safe 

disposal, but also the structural stability required for a self-supported
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excavationo Even marginal sites should be discarded because it appears 

that a sufficient number of optimum sites can be found in every region 

of the countryo It is recommended that the search criteria include the 

following site conditions:

!<, low permeability or isolation from ground water 

2 e sufficient formation thickness and allowable depth

3. competent rock

4o location away from zones of intense seismic activity.

The condition of low permeability or isolation from ground water 

is a basic prerequisite for safe waste disposal. In the event of a leak 

or spill, an impermeable surrounding rock would prevent radioactivity 

from migrating away from the site and into the groundwater. A highly 

permeable site may be satisfactory if it is high above the water table 

or otherwise isolated from groundwater by structural features (e.g., 

impermeable fault zones, intrusions or clay-shale layers). These hydro

geologic conditions eliminate most water-bearing rock of any type from 

consideration, including permeable sandstone and any formation with 

continous fractures or joints. Low rock mass permeability is one of the 

basic siting criteria for underground gas storage caverns, and Fig. 1.2 

shows areas of the U.S. considered favorable for this purpose (Wither

spoon et al., 1976) .

Additional requirements for a potential host formation are

sufficient thickness and allowable depth. The formation must be thick

enough to accommodate an opening design with some minimum height. The

depth of the competent formation must be within practical limits for the 

basic layout proposed in Chapter 2,
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Fig. 1.2 Areas of the U.S. favorable for Underground Gas Storage in Mined Caverns.— from 
Witherspoon et al., 1976.
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Competent rock, according to Obert, Duvall, and Merrill (1960), 

is rock that is capable of sustaining underground openings without any 

structural support except the pillars and walls of the rock itself.

This site requirement eliminates intensely weathered, fractured, jointed 

and faulted rock of any type, as well as most sedimentary or metamorphic 

formations with dipping planes of weakness. Rock mechanics consider

ations in siting and designing self-supported excavations are discussed 

in Chapters 3, 4, and 5. Figure 1.3 shows areas of the U.S. in which 

reasonably competent rock is located at depths less than 200 ft (Willett, 

1978).

A seismically active area is unfavorable for siting underground 

openings. The dynamic loading that accompanies earthquakes has an 

unstabilizing effect on all structures. However, studies have shown 

that the ground motion caused by earthquakes is less in bedrock than on 

the surface (Bach, 1977). If a LLW disposal site is needed in an area 

with significant tectonic activity, an underground excavation in compe

tent rock would generally be stable, provided that the structure is not 

located in an active fault zone. Seismic considerations in siting 

underground openings are discussed in Section 3.2.4.

After a number of sites have been selected according to these 

generalized criteria, more detailed investigations should be carried out 

using the generic criteria discussed in this paper.
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Fig. 1.3 Areas of the U.S. with Competent Rock within 200 ft of the surface .—  
from Willett, 1978.
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1.4 Development of Generic Siting and Design Criteria

1.4.1 General Criteria for Economical Tunneling 
and Waste Disposal

The use of underground excavations as an alternative to shallow 

burial facilities will be cost-efficient only if construction and oper

ating costs are minimized. Economic considerations are especially 

important since the nation’s LLW management program will involve a 

number of regional disposal facilities.

In order to minimize construction and operating costs, the 

following criteria are suggested:

1. Costly support systems (e.g., steel sets and concrete lining 

and dewatering systems should be eliminated by siting reposi

tories so that they are self-supported and dry.

2. Storage room cross sections should be designed as large as

possible (but small enough to be unsupported) because the cost

per unit volume excavated decreases rapidly as cross sectional
*area increases, as shown in Fig. 1.4.

3. Storage rooms cross sections should have a rectangular shape to 

allow efficient use of space for hauling and emplacement of 

waste.

4. Repositories should be constructed at depths which allow access 

by tunnels rather than by shafts.

For generic design purposes, room cross sections should be lim
ited to about 1000 sq ft in order to provide conservatism in design and 
a larger number of potential sites for self-supported openings.
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1.4.2 Preliminary Evaluation of Potential 
Host Rock Types

Rock types considered most favorable for hosting underground 

storage/disposal facilities include plutonic rocks (e.g., granite and 

granite gneiss), limestone and tuff. These rock types were selected 

the following reasons:

1. Mechanically stable and environmentally safe repositories 

can be more easily and economically sited and designed for 

these rock types than for basalt, sandstone, shale, rock salt, 

and high-grade metamorphics.

2. Plutonic rocks, tuff, and limestone are widely exposed at the 

surface and thus can be studied easily in preliminary stability 

evaluations using rock mass classification systems.

Basalt, sandstone, shale, rock salt, and high-grade metamorphic 

rocks are considered less than ideal repository media because of several 

geologic, hydrogeologic, and geomechanical characteristics. Basalts 

exposed in eastern Arizona, northern New Mexico, and southwestern 

Colorado appear.to be generally permeable rock masses due to well- 

developed (continuous and.closely spaced) joint systems. In addition, 

most basalt flows at shallow depths are probably too thin to be used as 

repository media. Sandstone generally has a high intrinsic permeability 

and most formations with sufficient thicknesses for repository siting 

are probably major aquifers. Some shales are known for their tendency 

to swell or slake and lose strength after being exposed to moisture 

during mining. Most underground openings in shale (e.g., coal mines 

must be artifically supported to.prevent roof failures. Salt is known
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for its tendency to continue to deform for long periods of time (creep) 

and would require previous mining experience or extensive in situ testing 

in order to ensure that excavations will remain open for the required 

operating period» In addition, most salt deposits with the required 

thickness occur at depths too great to allow economical construction of 

access tunnels, and would therefore necessitate shaft construction at 

much higher costse High-grade metamorphic rocks (e.g., slate, schist, 

and phyllite) are characterized by foliation planes which would form 

potential failure surfaces in the roofs and sidewalls of underground 

openings.

Based on site surveys and literature review, plutonic rocks 

(e.g., granite), volcanic tuff, and limestone are potentially favorable 

host rocks for mined caverns.

Granite formations occur in many parts of the country, as shown 

in Fig. 1.5. The appearance of massive granite exposures in California, 

Arizona, New Mexico, and Missouri suggests that large self-supported ex

cavations are possible in those formations. Literature describing gran

ites in New England, the Adirondack Mountains (New York), the Appalachian 

Mountains (Pennsylvania to Alabama), the Ozark Mountains (Missouri), the 

Lake Superior area (Minnesota and Wisconsin), and the West Coast (Cali

fornia) (Farquhar, 1977 and 1978; Yardley and Goldrich, 1975; Walia 

and McCreath, 1977) indicates that large, economically constructed 

excavations are possible in these formations. In general, groundwater 

conditions are controlled by a number of site-specific characteristics 

(including frequency, continuity, and permeability of discontinuities, 

as well as recharge and discharge conditions at the surface) (Morfeldt,
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1978)« According to Morfeldt (1978)9 it is often found that hundreds 

of meters along tunnels in Precambrian granites and gneisses are dry, 

even in tunnels well below the water table» Walia and McCreath (1977) 

studied the siting potential of rock masses for underground pumped energy 

storage facilities«, They found that rock masses with prime siting poten

tial are typified by massive igneous and metamorphic rocks with rela

tively few joints and minor water inflow« Most of these rock masses are 

probably granites and granite gneisses„

Volcanic tuffs should receive serious consideration in the 

process of selecting a host rock for cavern sites in the Southwest.

Tuffs occur in thick, massive deposits high above regional water tables 

throughout the Basin and Range Province, especially in Arizona and New 

Mexicoo The distribution of tuffs and associated volcanic rocks in these 

two states is shown in Fig. 1.6. The most influential characteristic 

of tuff with respect to its feasibility as a repository medium is the 

degree of welding. The characteristic affects both the hydrogeologic 

and mechanical properties. A welded tuff has a high intact rock strength 

but is more intensely fractured than a non-welded tuff. Another notable 

characteristic is that some welded tuffs are underlain by zeolite tuffs, 

which have favorable sorptive properties (Office of Science and Tech

nology Policy, 1978). Some tuffs may require more detailed site 

investigations than other rock types, due to variability in fracture
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1 2 intensities9 variability in intact rock strength, and possible time-

3dependent behavior 0 Site investigations in tuff can be facilitated by 

locating thick ash-flow sequences which cooled as a single unit 0 Tuffs 

which were formed in this manner have a simplier structure with respect 

to degree of welding and fracturing, and can be more easily evaluated for 

containment capacity and rock mass stability.

Limestone is a favorable host rock because of the lack of joint

ing in certain massive formations (e,g,, those of Mississippian age), 

and because of extensive experience from existing limestone mines and 

storage spaces in the Midwest, The locations of existing underground 

limestone mines throughout the country are shown in Fig. 1.7, Sites in 

Kansas City area, southwestern Missouri, and western Illinois, shown in 

Fig. 1.8, were visited for this study. Data from geological literature 

on these formations and descriptions of existing mines are presented in 

Appendix A. This information is especially valuable in dealing with 

some of the problems associated with limestones. Due to their suscep

tibility to weathering, it is practically impossible to accurately apply 

rock mass classification systems to surface exposures unless the expo

sures are very fresh. Weathering of the roof rock above limestone mines 

can produce solution-enlarged joints and bedding planes and can cause

1. Variations in intensities in tuffs may be caused by vari
ations in depositional and cooling phenomena.

2. Compression and tension tests gave highly variable results 
for some tuffs tested at the University of Arizona rock mechanics labora
tory.

3. Non-welded tuffs were observed to deform plastically during 
compression testing.



.t fl . ..t .\'II C 
0(' , .. .. , .\' 

Fig. 1.7 Locations of Active Underground Limestone Mines in the U.S. from 
Rooney, 1970.--Numbers indicate more than one mine at a given location. 

N 
0 



21

i
9 5 ‘ 9 4 '

r
9 3 ' 9 2 ' 91'

s- IOWA
i

9 0 °
Peoria*

X ‘)
ILLINOIS

I
X A

r
s . .

Hannibal

• Q J'ncy S prm gfie
4 0 '

id

X
K onsosL

\

*C)elndepenc*ence
T o p e k a  ® onner r^Kansas City 

S p rin gs

3 9 = -

KANSAS

OK

J e f fe rs o n  
0 C ity

Clinton

M IS S OURI

C a r th a g e  ^ S p r in g f ie ld  

.N e o s h o

St. Louis / v  East
O 0 St Louis

/

( Prairie  
X  du Rocher  

S am te  X ®
G enev ieve

3 8 = -

C a p e  G irardeau

3 7 = -

’\
A RKANSAS

J ________________L

z
^-r36°Lj

2 5  5 0  MILES

4 0  8 0  KILOMETERS

•  CITIES WITH M I N E S / S T O R A G E  FACILITIES  
°  O TH ER CI TIES

Fig. 1.8 Location Map for Some Underground Limestone Mines and
Storage Facilities.— Descriptions are given in Appendix A.



22

weakening of shale in the roof and floor. Potential stability problems 

in limestone-shale formations are discussed in more detail in Section 

3.3o There appears to be considerable uncertainty involved in prediction 

of long-term hydrologic conditions for mined caverns in limestone-shale 

formations. Therefore, a detailed site investigation program, employing 

state-of-the-art techniques of hydrology, remote sensing, geophysics, and 

groundwater chemistry, is required.

1.4.3. Proposed Methodology for Generic Siting 
and Design

Generic siting and design criteria for underground LLW reposi

tories have been obtained by the following approach:

1 . selection of basic layouts and minimum dimensions for econom- • 

ical, efficient, and stable excavations

2 . consideration of a number of potential failure modes, including 

fracturing of roof and sidewalls, failure of rib pillars, 

shearing of roof, failure along joints, earthquake damage, 

bearing failure and settlement of roof and floor, roof and floor 

failure due to horizontal field stresses, and weathering 

problems in roof and floor.

3 . application of elastic theory to design of openings in homo

geneous and stratified rock

4 . application of rock mass classification systems for evaluation

of potential host rock masses.

Many of the principles discussed here are also applicable to 

siting and design of critical underground facilities for other purposes
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(e.g., storage facilities9 civil defense facilities, public facilities, 

factories, and large chambers for power plants and compressed air and 

pumped hydro storage)« In all critical facilities, long-term stability 

and a high degree of isolation of the underground space is required. 

Therefore, a conservative design approach and careful construction 

techniques should be used to minimize damage and to preserve the natural 

containment capacity of the rock mass.

It must be emphasized that this study presents siting and design 

criteria on a generic basis, and therefore the stability analyses require 

a number of simplifying assumptions» The final design of rock caverns 

requires a site-specific approach, including possible modifications based 

on the actual behavior of the rock mass«



CHAPTER 2

REQUIREMENTS FOR LAYOUT5 DIMENSIONING9 AND CONSTRUCTION

2.1 Advantages of a Tunnel System 

It is proposed that an underground storage/disposal facility 

consist of a series of wide, parallel horizontal rooms intersected by a

horizontal or slightly inclined access tunnel. A plan view of layout is

shown in Fig. 2.1. A tunnel system has the following advantages over a 

regular (checkerboard) room and pillar excavation:

1 . higher degree of waste isolation

2 . lower operating (ventilation) costs

A tunnel system has the following advantages over a shaft system:

1 . lower excavation (mucking and hauling) costs

2 . lower operating (ventilation and waste hauling) costs.

2.2 General Requirements for Excavation and Stability 

Selection of the proposed layout was based primarily on two 

considerations:

1 . efficiency of construction and wAste disposal

2. structural stability in competent rock masses.

The proposed layout offers several features for efficient 

construction and operation. Due to the possibility of site closure 

before the completion of construction, storage room excavation and waste 

disposal operations should be carried out simultaneously. Table 2.1

24
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Fig. 2.1 Basic Layout for an Underground Storage/Disposal Facility. 



26

Table 2.1 Two Alternative Construction-Operation Schemes for an Under- 
Ground Storage/Disposal Facility.— Room symbols refer to 
Fig. 2.1

A. Sequence on retreat:
(1) Completely excavate access tunnel(s).
(2) Excavate rooms and R^.
(3) Excavate rooms and R^.
(4) Fill rooms and R^ with waste.
(5) Excavate rooms and R^, using part of the excavated

rock to backfill and R^ around waste.
(6) Repeat same sequence to rooms and R^.

B. Sequence on advance:
(1) Excavate access tunnel up to rooms L and R .n n
(2) Excavate rooms L and R .

XI  XI

(3) Extend access tunnel to two rooms L . and R ,.n-1 n-1
(4) Excavate rooms L . and R ..n-1 n-1
(5) Fill rooms L and R with waste.n n
(6) Excavate rooms L „ and R using part of excavatedn-z n-z

rock to backfill L and R around waste,n n
(7) Repeat same sequence to rooms and R^.
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gives two alternative construction operation schemes» In both schemes s 

a storage room on one side of the access tunnel is excavated while waste 

is being emplaced in a preciously constructed room. Driving the access 

tunnel as the initial excavation allows detailed investigation of rock 

mass conditions and behavior before the final, design and alignment of 

storage rooms. Traffic and ventilation problems can be minimized by the 

use of two access tunnels.

Four general design criteria are recommended for optimum stabil

ity of an underground storage/disposal facility:

1. The stresses around each room should be unaffected by adjacent 

rooms o

2. Rooms should be oriented favorably with respect to disconti

nuities and field stresses.

3. The size of stress-concentrated zones should be minimized.

4. Intersections and rooms should be located away from localized 

rock zones with potentially unstable conditions.

These criteria can be satisfied by adaptation of the proposed layout to 

any site with generally competent rock. Openings may be designed more 

conservatively by leaving narrow rib pillars within each storage room, 

forming double tunnels, as shown in Fig. 2.2.

The width of the large rib pillars between each parallel room 

determines whether the stress around one room influences the stress 

around an adjacent room. In order to ensure that each room is effec

tively a single opening, unaffected by the stresses due to the rooms on 

on either side, it is recommended that the pillar width W should be*
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three times the maximum dimension of the room cross section « Single 

openings provide the best stabilitys and the additional cost required 

to isolate openings is usually more than offset by other construction 

factorso

Another important factor controlling the stability of a tunnel 

is the orientation of the long axis with respect to the principal field 

stresses (ô , and with respect to major joint sets. In order

to minimize fracturing9 storage rooms should be aligned to minimize the 

difference between the secondary principal stresses (Obert and Duvall, 

1967) acting in the cross-sectional planes. In order to minimize failure 

along joints, rooms and access tunnels should be aligned so that major 

joints strike across rather than parallel to the long axes of the open

ings. (These design principles are discussed in more detail in Section 

3.2.2).
The size of stress-concentrated zones at intersections can be 

minimized by avoiding angled (less than 90°) intersections and by 

limiting the cross section of the access tunnel to the minimum dimensions 

required for the passage of construction and waste hauling vehicles. The

*A fundamental principle of elasticity is that the stresses 
around a circular opening are unaffected by an adjacent opening if the 
distance between openings is at least twice the diameter of the openings„ 
To allow for inelastic stresses around rectangular storage rooms, the 
pillars between rooms are designed three times as wide as the rooms.

In addition, model studies by Dhar et al. (1979) showed the 
effects of pillar width on the development of fractures around openings. 
Fracturing around two openings separated by a rib pillar is similar to 
fracture development around single openings where the width of the pillar 
between the two openings is at least three times the diameter of the 
openings.
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stability of intersections may be improved by leaving a wide rib pillar 

between two access tunnels,, as shown in Fige 2.3.

Localized unfavorable conditions should be detected during 

exploratory drilling and tunneling, and the layout should be modified 

so that intersections and storage rooms avoid these conditions. Unfa

vorable tunneling conditions include highly weathered or fractured rock 

and excessively high or low in situ stresses. The length of the access 

tunnel between the portal and the first room should be enough to ensure 

that the room is not situated in the weathered zone and that the in situ 

stresses around the room are unaffected by the free surface at the 

portal. Rooms and intersections can be relocated horizontally away from 

fractured zones or unfavorably stressed zones.

2.3 Minimum Dimensions for a Truck Haulage System

The amount of waste handling and the risk of accidents, both 

outside and within the disposal site, are major concerns in designing a 

waste management system. It is desirable to transport wastes directly 

from the generator to the disposal site, and into the repository itself, 

without intermediate transfers. Diesel powered trucks provide an 

efficient way to haul the wastes and can be operated underground when 

equipped with exhaust scrubbers.

Assuming that the waste is to be transported into the facility 

by standard semitrailers, the vertical clearance and turning radius of 

the truck can be used to obtain minimum dimensions for the access 

tunnels and for storage rooms. A minimum height of about 15 ft is 

required for vertical clearance in all openings. (This height also
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allows filling and/or resurfacing of floors.) For a 55 ft long truck 

(type WB-50, turning radius 45 ft) (American Association of State Highway 

and Transportation Officials, 1973), storage rooms consisting of single 

tunnels must be at least 45 ft wide to allow entrance of the truck. A 

number of modifications, including angled room entrances and parking 

cross cuts, shown in Fig. 2.4. can be used to allow trucks to enter and 

turn around within rooms. Rooms consisting of double tunnels must be at 

least 90 ft wide to allow U-turns within rooms. Required widths may be 

reduced by bevelling corners of pillars. Table 2.2 summarizes the mini

mum dimensions for the two layouts, based on the vertical clearances and 

turning radius of the standard truck and the general stability require

ments from the proceeding section.

2.4 Storage Volume 

Another important feature affecting the dimensions of a storage/ 

disposal facility is the design volume capacity, or the operating life 

of the site. The minimum height of all openings is set by clearance 

requirements for waste-hauling vehicles, and the allowable storage room 

width is determined by stability evaluations. Thus, the total storage - 

volume of a facility with one of the proposed layouts may be varied by 

adjusting the length and/or number of rooms. Figure 2.5 shows that the 

storage cost per unit volume decreases with total storage volume. This 

graph indicates that the total storage volume of an economically con

structed facility should be at least 200 to 300 thousand cu m.
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Table 2.2 Recommended Minimum Dimensions for the Basic Layouts 
shown in Figs„ 2.1 and 2.2.

Type of Layout 
and

Design Feature
Minimum
Dimension Comments

All Layouts
Access tunnel 
width W.

25 ft Allows 2 wide highway lanes 
for one or two-way traffic 
and for simultaneous move
ment of construction opera
tion equipment.

Access tunnel and 
storage room height

25 ft Allows truck clearance and 
resurfacing of floor rock 
(optional).

Access tunnel 
length from 
portal to rooms

Depends on depth, 
lateral extent of host 
formation, and thick
ness of weathered zone

Based on stability require
ments and safe grades for 
trucks (maximum grade about 
10%).

Pillar width W 3 x W Based on conservative sta
bility requirements; spac
ing between storage to 
insure effective behavior 
as single openings.

Layouts with Rooms 
Consisting of Single 
Tunnels
Width W of ostorage room

45 ft for entrances 
with 90° corners;
40 ft for entrances 
with 5 ft levels

Room allows entrance of 
truck type WB-50 55 * semi
trailer, 451 turning (55 T 
semitrailer, 45’ turning 
radius)^. Rooms must have 
turnarounds or trucks must 
back out to exit rooms.
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Table 2.2— Continued

Type of Layout 
and

Design Feature
Minimum
Dimension Comments

Layouts with Rooms 
Consisting of Double 
Tunnels
Width W of half _ o of storage room

35 ft for room with 
20 ft wide rib pillar 
and entrance with 
10 ft bevels

Room allows entrance and 
exit of truck type WB-50 <

30 ft for room with 
30 ft wide rib pillar 
and entrance with 15 ft 
bevels

Rib pillar Width W 90-2W ftrp o Room allows truck type 
WB-50 to make a U-turn. 
Pillar width should be 
determined by stability 
evaluation (Sec. 3.2.2),

From American Association of State Highway and Transportation 
Officials, 1973.

c
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2.5 Excavation Methods 

The technique used to excavate an underground storage/disposal 

facility has a significant effect on the cost, containment, and design 

of the facility. Wide rectangular openings may be excavated by drilling 

and blasting, machine tunneling with crawler-mounted units, or a 

combination of drilling and blasting and machine tunneling.

The drill and blast method is the most economical excavation 

method in hard rock (e.g., granite) (Koplik et at., 1979). A survey of 

excavation costs for caverns excavated by drilling and blasting in high- 

quality rock is summarized in Table 2.3. In most cases, excavation 

costs were about $1 per cu ft or less. A disadvantage of this method is 

the increase of damage to rock along the perimeter of openings. The 

damaged zone has three effects of concern in construction of critical 

underground facilities:

1 o increased overbreak, resulting in loosening of rock blocks and 

sometimes necessitating scaling or installation of wire mesh to 

prevent rockfall.

2 . introduction of uncertainty into stability evaluations, due to 

a change in stresses and rock mass properties in the damaged 

zones

3. reduction in containment capacity (I.e., increase in perme

ability) of the rock mass, due to creation of new cracks and 

widening and lengthening of existing cracks.

In order to minimize rock damage, the use of protective blasting 

techniques is recommended. The perimeter of the excavation should be



Table 2.3 Costs of Underground Caverns Excavated by Drilling and Blasting in 
Rock of Good Quality



Cross Section
Location Function Rock Type Segment (ft2)

Bergen,
Norway

Gjovik
Norway

Canadian
Shield

Stockholm,
Sweden

Chicago,
TL
U.S.A.

LG-2 
Powerhouse 
Quebec, 
Canada

NORAD 
Cheyenne 
Mtn.» CO.
U.S.A.

Cold
storage

Telecom- 
muni.cat Lon

HLW
storage

Sewage
plant

Pumping
station

Hydro
electric
power

Air
defense
head
quarters

Granite
gneiss

Gneiss

Total

Total.

Granite Total
gneiss

Granite Aeration &
gneiss settling

Dolomitic Pump 
limestone rooms

Granite
gneiss

Grantte

Tail race 
tunnels

2040

500,
730

340

1100

3700

3570

Chambers 1800, 
2700

Access 
tunnels

Water & 
fuel
reserviors

650,
1200
1100

Gothenburg,
Sweden

Products
storage

Granite
gneiss

Total Not given

Gothenburg,
Sweden

Crude oil 
storage

Granite.
gneiss

Total

Gothenburg,
Sweden

Crude oil 
storage

Granite 
gnei ss

Total

Mongstad, Crude oil 
storage

Gneiss Total

Mongstad, Products 
storage

One iss Total

Cost estimate 
*
Actual cost

Sources of Data:
1. Barbo and Bolingmo (1977) 5.
2. Rroch and Rvgh (19 76) 6.
3. Char I wood and Gnirk (1977) 7 .
4. F.dlund and Snndst m m  (1978) 8.

Construction 
Volume Cost ($ million) Cost per unit 

(10^ cu ft) and Date volume($1980 cu ft) Reference
**

.39 .12 (1976)

**
.013 .36 (1975)

53.0 330*(1976)

54.6 .23**(1973)

1.55 .13*(1977)
(excavation 
without support)

54.56 66.00*(1973)

6.24 .26 (1965)

2.15 1.04 (1965)

**
3.1 .45 (1965)

(excavation 
without support, 
all segments)

13 11.3**(1976)

11 25.2*(1976)

56.4 I6.2*(]976)

20 14.4**0976)

13 19.8**0 9 7 6 )

Deleuw, Gather and Co. (1977) 
Murphy of a 1 . , (.19 76)
U.S. Bureau of Mines (1966) 
Wills and Rlgden (1977)

0.31 1

1.09 2

0.82 3

0.64 4

0.99 5

1.86 6

0.90 7

1.06 ’ 7

1.11 7

1.15 8

3.10 8

0.36 8

2.20 8

1.20 8

U>
00
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shaped by cutting slots in softer rock or by smooth blasting in harder 

rock (Koplik et al«, 1979).

Machine tunneling causes much less rock damage than blasting. 

Rectangular sections and cross cuts in rock of low to medium hardness 

(i.e., with compressive strengths up to 18,000 psi) (Schenk, 1974) can 

be excavated by boom-type machines (or roadheaders). However, the 

economic feasibility of machine tunneling depends on the properties of 

the rock (i.e., strength, hardness, abrasiveness, fracture character

istics, and consistency of these properties). The increasing cost of 

cutter replacement with rock strength indicates that machine tunneling 

is most feasible in low strength or soft rock. Other disadvantages of 

machine tunneling include the need for more detailed site investigations 

(for evaluation of rock properties) and the occurrence of delays caused 

by machine breakdowns. According to performance data for an Alpine 

Miner model AM-50 used in tuff at the Nevada Test Site, the average 

utilization of the machine was only 27% (Kogelmann, 1978).

Excavation in nultiple headings by a combination of drilling 

and blasting and machine tunneling can take advantage of the higher 

reliability of drilling and blasting and the less extensive rock damage 

induced by machines. Excavation costs for the combined method would 

be higher than those for drilling and blasting and machine tunneling, 

because of higher capital costs. In excavating a cavern by multiple 

headings, stress redistributions may have unstabilizing effects (Egger, 

1974). However, these unstabilizing effects would be insignificant if 

the rock mass remains elastic after excavation and if blasting is done 

carefully.



CHAPTER 3

POTENTIAL FAILURES MODES AND PREVENTIVE MEASURES

3.1 General Description and Objectives 

A fundamental approach to evaluating the stability of under

ground structures is to consider the most likely failure modes. Failure 

modes considered significant for mined caverns in any rock type include:

1. fracturing of roof and sidewalls

2. failure of rib pillars

3. failure along joints

4. earthquake damage

Failure modes considered only for mined caverns in limestone—shale 

formations include:

1. bearing failure and settlement of roof anf floor under pillar 

loads

2. roof and floor failure due to high horizontal compressive
*

stresses

3. weathering problems in roof and floor

A simple and conservative approach is taken in estimating safety 

factors against some of these failure modes. Some of the assumptions 

involved are over-conservative for application to conventional mining

These failure modes are also possible in tuff formations with 
incompetent roof and floor rock. These failure modes are not discussed 
with respect to tuff because of the deficiency of mining experience and 
observations in tuff.

..



situationso However, a much greater degree of conservatism is recom

mended for critical civil projects» Although localized rock failure 

does not necessarily imply instability of an underground structure, an 

excavation that is relatively free of induced fractures preserves the 

isolation of the facility from groundwater and the natural containment 

capacity of the rock mass.

A comparative risk assessment for these failure mdoes can be 

based on consideration of various geologic and hydrogeologic character

istics of the selected host rock types, and on estimates of safety 

factors against some of the failure modes. This comparative study 

allows determination of the most critical failure mode(s) for each rock 

type* and thus provides a basis for siting and designing self-supported 

excavations.

3.2 Failure Modes for Caverns in Any Rock Type

3.2.1 Fracturing of Roof and Sidewalls

The stability of underground excavations depends to a large 

extent on the control of fracturing in rock (Dhar et al., 1979). Frac

turing occurs when excessive tensile, compressive, or shear stresses 

develop in the rock around the opening. Even though these phenomena 

are not necessarily indicative of collapse, long term stability and

containment of critical underground facilities should be ensured by
*preventing fracturing in the roof and sidewalls of openings. The type

^Stresses in the roof and sidewalls are considered much more 
critical than stress concentrations in corners. Experience suggests 
that zones of low stress gradient (e.g., in roofs and sidewalls) are 
more critical than zones of high stress gradient with respect to over
all stability of excavations (Hoek, 1979).
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and extent of fracturing depends on the in situ stresses after excava

tion and the strength of the rock in tension, compression, and shear.

The stresses depend on the opening dimensions, the deformation properties 

of the rock mass, and the stress field before excavation.

Roof failures due to tensile fracturing are considered especially 

critical for the following reasons:

1. Brittle rocks are usually weak in tension (Dhar et al., 1979).

2. The first visible sign of impending roof failure in underground

openings is usually tensile cracking of the roof at midspan 

(Fairhurst and Singh, 1974).

3. Elastic models of wide rectangular openings in continuous rock 

under vertical field stresses greater than horizontal field 

stresses indicate that large tensile zones develop in the roof.

4. Roof stresses are often poorly predicted due to the inability

of many models to account for (a) discontinuities in rock

masses, (b) the absence of tension in jointed rock, and (c) 

occasional elasfo-plastic behavior (Heuze and Goodman, 1970).,.>

Tensile stresses in a rock mass may cause failure by fracturing in the 

rock substance (intact rock) or by opening existing cracks and joints.

Most failures of rock in compression are due to development:; of 

excessive shear stresses along failure planes. The maximum shear stress 

at a point depends on the magnitude of the principal stresses.

The shear strength of a rock mass is a function of normal stress 

and rock mass frictional properties. Shear failure in a rock mass may
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occur either through the rock substance (intact rock) or along pre

existing weakness planes (e.g., joints). These failures are discussed 

in more detail in Section 3.2.2.

Rockbursting is a special type of compressive failure associated 

with very rapid releases of strain energy. This type of failure may 

occur in highly-stresses hard or brittle rocks (e.g., granites), but 

does not occur in softer (low modulus) rocks (e.g., non-welded tuffs) 

or hard rocks under more normal stresses. Rockburst conditions have 

been observed in the crystalline (plutonic) rock of Norway, where high 

in situ stresses locally exceed the strength of the rock (Broch and 

Rygh, 1976). Rockbursting may occur in rock zones where the maximum 

field stress in the cross-sectional plane of an opening is tangential to 

the opening perimeter (Broch and Rygh, 1976)9 as shown in Fig. 3.1.

Most rockbursts occur in openings excavated in valley and fjord walls, 

where stresses are affected by topography (Brekke, 1978).

In homogeneous rock, roof and sidewall fracturing can be pre

vented by designing openings to be compatible with the stress field. The 

use of elastic stress analysis is recommended for determination of 

storage room configurations and stress fields allowing self-supported 

excavations. Siting and design criteria obtained by this approach are 

presented in Section 4.2.

In stratified roofs, fracturing most commonly occurs when a 

unfractured layer is vertically loaded to the extent that the bending 

action due to downward deflection (sag) produces tensile fiber stress 

greater than the tensile bending strength of the layer. Tensile frac

turing in an immediate roof layer is illustrated in Fig. 3.2. Downward
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Fig. 3.1 Potential Rockburst Zones for Various Orientations of 
Field Stresses.— from Broch and Rygh, 1976.
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TENSILE
FRACTURES

Fig. 3.2 Tensile Fracturing due to Bending of a Single-Layer Roof.
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deflections also produce shear stresses, but tensile failures are more 

critical than shear failures where stresses are developed by bending 

of continuous limestone roof layers, as shown in Section 4.3.1.

Tensile fracturing in stratified rock can be prevented by 

restricting the deflection and bending of roof layers. Deflection can 

be controlled by one or more of the following mining practices:

1. keeping the opening width small enough to prevent excess 

deflection

2. leaving thick layers immediately above the opening

3. roof bolting to effectively bond several thin (flexible) layers

into one thick (stiff) layer immediately above the opening, or

to anchor several thin layers to a thick overlying layer.

The first two of the above methods of roof control are recommended for 

economical construction of underground caverns and have been used in 

existing limestone mines. The recommended approach to design includes 

application of elastic beam and plate theory, as discussed in Section 

4.3, and consideration of past mining practices (i.e., evaluation of

room and pillar widths used in existing mines), as listed in Appendix A.

All mines listed in Appendix A have room widths that have not 

caused excessive deflections and fracturing. Therefore, the same widths 

can be used as unsupported spans in caverns excavated in the same 

formations. All of the mines listed have at least one very thick (3 to 

8 ft) bed immediately above the openings and a total thickness of 8 to 
16 ft of competent limestone in the immediate roof. These immediate

roof thicknesses can be used as siting criteria for caverns with the

same spans and overburdens.
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Fracturing in stratified roofs can also be minimized if certain 

geologic conditions are known before excavation» It is essential that 

changes in bed thickness and facies are detected during site investiga

tions - An excavation below thin beds may induce excessive deflections 

and tensile stresses0 Facies changes can be expected to be accompanied 

by variations in strength and deformation properties of limestones. In 

order to ensure the structural integrity (i.e., to prevent tensile 

failure) of these thick beds, the underlying limestone must be excavated 

without damaging the roof. A prominent bedding plane just below the 

immediate roof layer provides a surface for a smooth-blasted ceiling. 

Thus, site investigations for underground facilities in limestone must 

include the identification of a thick bed with a prominent and consistent 

underlying bedding plane.

3.2.2 Failure Along Joints

The presence of joints in a rock mass affects displacements and 

stresses around underground openings and necessitates consideration of 

failure by displacement of rock blocks. In this study, the use of rock 

mass classifications (discussed in Chapter 5) and simple static analyses 

of individual rock blocks are suggested to account for the discontinuous 

nature of rock masses.

The stability of a jointed rock mass depends on a number of fac

tors, including the roughness, waviness, and continuity of joint sur

faces, groundwater conditions, nature of any filling material, the 

number of joints, the normal stresses, and the orientation of joints, 

relative to openings (Cording and Mahar, 1974; Brekke et al., 1974;
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Barton, 1976; Brekke, 1978). These conditions can be determined during 

exploratory drilling and tunneling on potential cavern sites.

Joint roughness, waviness, and continuity affect the shear 

strength of joints. The roughness of joint surfaces influences the 

frictional resistance to sliding. Roughness refers to small scale 

irregularities, while waviness refers to large scale irregularities. 

Rough, wavy joints have much greater shearing resistance than smooth, 

planar joints.

The shear strength of a rock mass with inconsistent (with respect 

to attitude) or intermittent joints is much higher than that of a rock 

mass with uniform, continuous joints (Kutter, 1974). However, uniformity 

of joints allows static stability analysis of individual rock blocks.

Groundwater conditions and filling materials in joints must be 

considered in evaluating long term as well as short term stability.

Water pressure acting on joint walls reduces the effective normal stress 

and thus decreases shear strength. According to Barton (1976), rough- 

surfaced joints are more susceptible to strength reduction due to ground

water than smooth-surfaced joints. Strength reductions of 5 to 30% can 

be produced by water in joints (Barton, 1976). Weathering of wall rock 

reduces its contact strength, and under high normal stresses can result 

in shearing or crushing of roughness features. Weathering of joints 

containing calcite, clay, or chlorite fillings can cause a significant 

reduction in shear strength (Brekke et al., 1974). Weathering of dis

continuities in limestone-shale formations is especially critical and is 

discussed in Section 3.3.3.
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The number of joints intersecting an underground opening has 

an obvious effect on the stability of the opening. In general, a small 

number of joints or joint sets are unlikely to form unstable rock blocks, 

while a large number of joints or joint sets are likely to form several 

unstable blocks in a tunnel section. The number, size, and degree of 

interlocking of blocks in a tunnel section depends on the relative 

orientations of the tunnel and joints and on the spacing of joints in 

each set.

The occurence of only one joint set in a tunnel cross section 

causes relatively minor stability problems. With only one joint or 

joint sets, the stability of the opening is controlled not only by the 

shear strength of the joint(s), but also by the strength of the intact 

rock (Kutter, 1974). In a rock mass with two joint sets, the problem is 

complicated by the fact that displacement of a block at the intersection 

of two joints changes the continuity and consequently the shear strength 

of one or both joint sets (Kutter, 1974).

The occurrence of three or more joint sets in a tunnel section

greatly increases the possibility of failure along joints. According to

Kutter (1974), "The possibility of failure through intact rock becomes

almost negligible for a rock mass with more than two symmetrically
*oriented joint sets.

Figure 3.3 shows a comparison of potential joint failures for 

an opening in rock masses with two and three widely spaced joint sets.

^Symmetry of joint sets simplifies the analysis where there are 
three or more joint sets, but is not a prerequisite for failure along 
joints*
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A. Two Joint Sets in Cross-Sectional Plane

B. Three Joint Sets in Cross-Sectional Plane

Fig. 3.3 Failure of a Wide Rectangular Opening by Sliding along 
Joints.— Arrows indicate possible displacements of rock 
blocks.



Three or more joint sets in an opening section are likely to form 

several large blocks which tend to slide into the opening. One of the 

requirements listed by Barton (1978) for permanently self-supported 

openings is that the rock mass contains no more than three joint sets.

The normal stresses in a jointed rock mass are especially 

important in the stability evaluation of mined caverns of shallow depths. 

The failure envelope for a jointed rock mass, as shown in Fig. 3.4, is 

a graphical representation of the relationship between shear strength 

and normal stress. At low and intermediate levels of normal stress, the 

range of shear strength of the rock mass is given by the intact rock 

strength at the upper bound and the joint strength at the lower bound.

In general, at high normal stresses, the shear strength is close to that 

of the intact rock, while at low normal stresses, the strength is 

controlled by the joints (Kutter, 1974). The failure envelope also 

indicates that stability may be enhanced by providing high confining 

stresses in caverns siting. High confining stresses may be provided 

by selecting optimum depth and orientations of openings.

From consideration of forces acting on rock blocks, shown in 

Fig. 3.5, it is evident that the best way to prevent joint failures is 

be selecting the proper alignment of rooms and access tunnels and the 

proper location of intersections. Stability problems due to consistent 

joint systems can be minimized by aligning storage rooms and access 

tunnels so that all joints strike across or obliquely rather than 

parallel or subparallel to the lengths of the openings. Thus, rock 

blocks are supported at both ribs. Alignment adjustments to prevent 

joint failures are most easily accomplished in rock masses with only
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Intoct Rock 
Foilure Envelope

Joint 
Failure Envelope

NORMAL STRESS <r

Fig. 3.4 Failure Envelope for a Jointed Rock Mass (after 
Kutter, 1974).— Shear strength of rock mass is 
controlled by the failure envelopes for intact 
rock and joints.
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ESI
A. Plan View of Roof Immediately above the 

Opening

W = weight of block
N = normal force (from field stresses)
S = shear resistance
= horizontal force (from field 

stress)
C. Free Body Diagram of Block in Roof (assuming failure along 

steeply dipping joint)
Fig. 3.5 Static Analysis of Joint Failure for a Tunnel Intersected

by Joints Striking Subparallel to the Opening Axis.— Stability 
would be improved by aligning the opening parallel to A-A*
so that the block is supported by at least one rib.

w
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one or two dominant joint sets* Where there are two dominant joint 

sets, openings can be aligned along bisection lines between joint strike 

directions. Where there are three or more dominant joint sets, selection 

of the optimum alignment requires consideration of the dip, spacing, and 

shear strength of each set, as well as consideration of principal field 

stress orientations. In aligning openings, failure along weaker, closely 

spaced, high-angle, and unconfined joints is considered more likely than 

along stronger, widely spaced, low-angle, and highly stressed joints.

A rule of thumb suggests by Broch and Rygh (1976) is that the

angle between the opening axis and the strike of steeply dipping and
*smooth or clay filled joints should be at least 25°. This rule implies 

that the presence of two weak joint sets striking within 50° of each 

other is an unfavorable condition for cavern siting.

Where joints striking parallel or subparallel to the opening 

cannot be avoided, a static stability analysis of individual rock blocks 

requires detailed structural mapping, determination of the shear strength 

of joints, and estimation of normal stresses. Joint mapping on the roof . 

and sidewalls allows estimation of the size (and weight) of each block. 

The shear strength of joints can be estimated by large scale shear 

testing of a representative joint, either in the field or in the rock 

mechanics laboratory. An important limitation of any shear test is

This rule is supported by the observations of Cording and 
Mahar (1974) in the foliated metamorphic rocks of Washington B.C. 
and New York City. Discontinuities (joints and shear planes) striking 
within 25° of the tunnel axis tended to form long wedges in the roof 
and sidewalls and usually produced the most difficult tunneling 
conditions. Discontinuities striking more than 25° from the tunnel 
axis tended to form small, local wedges.
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that it may give misleading results when applied to evaluations of 

in situ shear strength. This phenomena is due to the fact that the

area of the shear surface relative to the size of the waviness and

roughness elements has a significant effect on the resulting strength 

envelope. According to Barton (1976)9 the scale effect on frictional 

strength of joints may become insignificant when joint lengths, exceed 

2 to 3 m. Large-scale shear tests commonly use a test block of 700 mm 

x 700 mm, although very large blocks with side lengths of 5 to 10 m 

have been used (Van Heerden, 1976). Normal stresses on joint surfaces 

can be estimated from principal stress magnitudes and orientations.

Jointed roofs in stratified rock can remain stable due to the 

mechanism known as the ,flinear arch", and may fail by one of four modes, 

observed in laboratory testing by Potts et al. (1979):

1. slipping of blocks along joint planes

2. crushing of blocks at the joint and rotation of blocks

3. elastic buckling and rotation of blocks

4. shearing of a block between highly stressed corners.

These failures modes are illustrated in Fig. 3.6.

In stratified rock, the existence of joints (or tensile 

fractures) striking parallel or subparallel to the length of a tunnel 

or room can form either of two types of roof. Where there is only one 

joint in the immediate roof, a slab is supported by cantilever action 

due to clamping at one side and by lateral loading due to the adjacent 

slab. Where there are two or more joints in the immediate roof at any 

given cross section, a slab is supported by lateral loading and shearing 

resistance. Roofs of these types and forces controlling the stability
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A. Slipping of Blocks

B . Crushing and Rotation

C. Buckling and Rotation

D. Shearing between Corners
Fig. 3.6 Failure Modes for Jointed Roofs in Stratified Rock.— from 

Potts et al., 1979.
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of blocks are illustrated in FigSo 3„7 and 3.80 Where the joint shear 

strength;, intact rock strength, and field stresses are known, a rough 

static analysis may be used to evaluate the stability of a joint roof„

In all cases, the strength of joints depends on the magnitude 

of horizontal stresses acting normal to the joints. Due to the time' 

dependence of deflections and stresses, relying on the linear arch for 

long-term roof stability would involve a high degree of uncertainty. 

Therefore, joints striking parallel or subparallel to tunnels and rooms 

should be avoided.

The possibility of roof failure due to joints makes a structural 

mapping program an essential part of site investigations during explora

tory drilling and tunnel driving.

A description of vertical joints in the Bethany Falls Limestone 

at the Inland underground facilities near Kansas City, Kansas, is given 

by Hornbaker (1978) and may be typical of other potential host forma

tions. Within the mine, joints strike with a 10° range, have an average 

spacing of 16 m (54 ft), and are tightly closed. The largest joint 

observed is 35 m (120 ft) long, but most joints are less than 7.5 m

(25 ft) long. The joints are discontinuous horizontally and some do not

cut completely through the Bethany Falls.

Joints in the limestone of the High Bridge Group at the Cabin

Creek Mine near Maysville, Kentucky are described by Freas (1977). These 

joints are filled secondary calcite and appear to be an integral part 

of the rock mass, as they have no apparent influence on rock breakage, 

fracture orientation, or stress relief (Freas, 1977). In exceptional 

cases, like this, the presence of joints may have no effect on the short
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A. Physical Situation

Q + W

T

P

B. Free-Body Diagram of Slab

Q = overburden load 
W = weight of slab 
T = thrust due to adjacent slab 

^h = force due to horizontal stress in rock mass 
P = pillar support load

Fig. 3.7 Roof of an Underground Opening with One Vertical Joint 
Striking Parallel to the Long Axis of the Opening.
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............

A. Physical Situation

Q + W

B. Free Body Diagram of Slab

Q = overburden load 
W = weight of slab
h = force due to horizontal stress in rock mass 
S = shear resistance due to friction on joint planes

Fig. 3.8 Roof of an Underground Opening with Two Vertical Joints 
Striking Parallel to the Long Axis of the Opening.
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term stability of excavations. However 9 dissolution of calcite fillings 
may cause long term stability problems.

Many roof failures (occuring during or shortly after mining) 

in the Bethany Falls Limestone are associated with irregularities in 
regional joint patterns and occur especially where joints are weathered 

and contain clay fillings (Duncan, 1978). These problems can be 

prevented by avoiding sites containing erratically oriented and clay 

filled joints.

A survey of existing underground mines and storage spaces in 

limestones of the Kansas City area, southwestern Missouri, and western 

Illinois has revealed that at some sites, limestones are essentially 

unjointed. At other sites, however, one set of vertical joints is 

found in the roof rock of underground limestone mines.

A limestone formation with more than two set of joints is 

unsuitable as a host rock for underground, caverns. In the absence of 

sufficiently high field stresses in two perpendicular directions in the 

horizontal plane, the jointed roof is likely to fail by falling out in 

blocks. The situation may be remedied by narrowing openings and/or by 

extensive roof bolting, but these procedures are undesirable for an 

economically constructed facility.

3.2.3 Pillar Failure

The stability of rib pillars is another consideration in the 

design of an underground storage facility. Use of the parallel room and 

rib pillar layout is recommended because it provides a very stable' 

system of openings. This system is generally preferred in the design
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of civil projects, such as multiple storage chambers (Obert and Duvall, 

1973). In layouts shown in Figs. 2.1 and 2.2, the stability of the wide 

rib pillars between rooms is much less critical than the stability of the 

roof overlying the openings. In the layout shown in Fig. 2.2 the design 

width of the in-room rib pillars must be determined by additional 

analysis, as discussed in this section.

Pillars in a conservatively designed cavern must be wide enough 

to prevent failure by convergence of the roof and crushing or spalling of

the pillar rock. If a pillar yields excessively, the load on the ribs

can cause a high relative deflection in the roof, resulting in roof 

failure (Adler, 1973). Loosening of rock due to crushing or spalling 

presents a hazard to stored materials and to personnel. Therefore, rib 

pillars should be designed so that they are essentially nonyielding and 

so that local crushing and spalling is prevented.

The design of pillars in mining situations is usually based on 

past experience and empirical formulas. Detailed study of pillar be

havior in existing mines may provide enough information for the design 

of rib pillars in new underground facilities. However, the use of 

empirical methods may prove beneficial for preliminary design purposes.

Major factors affecting pillar design include the following:

1. overburden stress on pillars

2. stress magnitude and distribution within pillars

3. strength of pillar rock •

Each of these major factors is influenced by a number of secondary 

parameters.
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The stress on pillars (except those at very great depths) is 

usually estimated by the Tributary Area Theory, in which the weight of 

the overburden is assumed to be uniformly distributed over pillars.

This concept is illustrated in Fig. 3.9.

The Tributary Area Theory can be used to estimate the average 

pillar stress along a rib pillar.of any length by the following

equation:

W W
Sp = ^ p

where

y = unit weight of overburden material

h = depth from surface to top of pillar

Wq = width opening

W = width of rib pillar P
A derivation of a similar equation is given by Fairhurst (1973), with 

the overburden pressure (in psi) being approximated as 1.1 times the 
overburden thickness (in ft). The factor of safety against pillar 

failure is then determined by dividing the pillar compressive strength 

by the average pillar stress S^. Assumptions involved in this calcula

tion are discussed by Fairhurst (1973).

The Tributary Area Theory can also be used to estimate the aver

age pillar stress S on a pillar in a regular room and pillar mine, by
P

the following equation (Obert and Duvall, 1967):

S
S = Vp 1 — R
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Fig. 3.9 The Tributary Area Theory for Calculating Stress on a Pillar. 



where

S = yh = vertical stress due to overburden v
r _ 2 _ pillar area
a total tributary area

Determinations of stresses on pillars from the Tributary Area

Theory have been found to be conservative, as more recent analyses and

photoelastic studies have indicated the existence of lower stresses than 

predicted (HeuzS and Goodman, 1971). The reduction in vertical stresses 

on pillars is partly due to arching, in which some of the overburden 

load is transferred laterally through the roof to the ribs (rock on 

either side of the openings). The existence of pressure arches can be

verified by comparison of stress measurements taken before and after

construction of storage rooms.

The magnitude and distribution of stresses within a pillar are 

controlled by three factors in addition to the overburden load:

1. the relative width of a pillar and the openings on either side

2. the magnitudes of horizontal field stresses

3. the deformability of a pillar.

The effect of relative widths of pillars and adjacent openings 

is discussed by Holland (1962). Some of his results are shown in Fig. 

3.10. The maximum stress occurs near the edges of pillars, and its 

magnitude increases slightly as the ratio of pillar width to opening 

width increases. To account for this increase in stress, Holland (1962) 

recommended that in designing pillars where the extraction ratio is 30% 

to 45%, the average pillar stress (as determined by the Tributary Area
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Fig. 3.10 Pillar Stress Magnitude and Distribution as affected by 
Width of Pillar Relative to Width of Openings.— from 
Adler and Sun, 1976, after Holland, 1962.
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Theory) should be Increased by 20% to obtain the design stress. Smaller 

corrections are suggested for larger extraction ratios.

The effect of horizontal field stresses on pillar strength is 

explained in terms of confinement acting on the central core of a pillar. 

As the lateral confining pressure increases, the strength of the core 

(and of the pillar) increases. However, lateral field stresses are 

partly relieved by mining adjacent rock zones. The degree of stress 

relief depends on the width and deformability of the pillar. A wide, 

stiff pillar retains more of the pre-mining stresses than a narrow, 

flexible pillar.

The deformability of a pillar is another important consideration 

in pillar design. Pillars are inherently more flexible than the adja

cent ribs (Adler, 1973). The deformability of a pillar depends primarily 

on two factors:

1. stiffness of the pillar rock

2. ratio of width to height of the pillar

Figure 3.11 shows the results of a photoelastic model study of arch 

development above pillars of different widths. The spacing of stress 

trajectories shows that arching decreases the stresses on the ribs when 

pillars are narrow enough to yield. The yield pillar concept (Adler, 

1973; Adler and Sun, 1976; Holland, 1973) is sometimes used to minimize 

stress concentrations in coal mines by allowing controlled failure in 

pillars and roofs. A more conservative design philosophy is required 

in the design of critical underground facilities, and localized failures 

in pillars and roofs must be prevented.
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A. Yielding Pillar

B. Non-Yielding Pillar

Fig. 3.11 Photoelastic Representation of Stress Distribution in Roofs 
above Pillars of Different Stiffnesses.— from Adler and Sun, 
1976.
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The stiffness of the pillar rock depends on the Young’s modulus 

of the intact rock and on the degree of fracturing of the pillar»

By model studies. Alder et al. (1951) showed that as the stiff

ness of a pillar is decreased and the stiffness of the ribs and roof are 

held constant, a greater portion of the overburden load is supported by 

the ribs» The model setup and results are shown in Fig. 3.12. A similar 

study using numerical models was performed by Starfield and Fairhurst 

(1968), and some results are presented by Fairhurst (1973)» As the 

stiffness of a seam (rib and pillar rock) is increased and the stiffness 

of the roof and floor are held constant, the maximum stress concentration 

(at the edge of the pillar and ribs) increases. These results are shown 

in Fig, 3.13.
The presence of natural and artificially induced fractures makes 

the stiffness of the pillar substantially less than that of the intact 

rock. Where steeply dipping cracks or joints cross pillars, extreme 

caution should be used in pillar design and it has been suggested by 

Holland (1973) that the width-to-height ratio should be 1 or greater. 

Artificially induced fractures are due to blasting damage and stress 

relief. An estimate of the depth of the damage zone should be made by 

coring into a test pillar. Then the pillar width used in design equa
tions should be adjusted to obtain an effective pillar width (Obert and

Duvall, 1967 and 1973).

Investigations of rock damage in a marble mine at Crestmore, 
California revealed that the outer 3 to 5" ft of a typical pillar 
consists of damaged rock (Heuze and Goodman, 1970). Smooth blasting 
techniques should be specified in order to minimize rock damage in 
civil construction projects.
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Fig. 3.12 Variation of Pillar Load with Pillar Stiffness from Model 
Study.--from Heuze and Goodman, 1971, after Alder et al., 
1951. 
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v = Poisson’s ratio of seam, 
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Fig. 3.13 Results of Elastic Analysis of Pillar Stress Distribution 
as affected by Elastic Moduli of Pillar and Ribs.— from 
Fairhurst, 1973.
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The effect of width-to-height ratio of a pillar on its deforma

tion is explained by the fact that the outer edges of the pillar yield 

first and that the yielding materials gives confinement to the core of 

the pillar (Fairhurst9 1973)„ Thus for a given height (predetermined by 

space requirements or by vertical positions of competent roof and floor 

beds), a wide pillar has a greater average strength than a narrow pillar.

Parker (1974) recommends that pre-mining investigations should 

include determination of the pillar width which allows essentially no 

convergenceo. In limestone mines (probably with square pillars), pillars 

may prove to be nonyielding when the width is four times the height 

(Parker, 1974)„ However, the use of a height-to-diameter ratio of 1 in 

Kansas City has eliminated problems related to pillar strain (Duncan, 

1978) . In all of the existing mines listed in Appendix A, pillar width- 

to-height ratios range from 1 to 2. In designing openings where the 

pillar rock is stiffer than the roof, a larger width-to-height ratio 

may be necessary to avoid excessive stress concentrations and spelling 

at the edges of the pillar.

The width to height ratio or pillars is an important factor in 

empirical design formulas. The most widely used of these formulas are 

of either of two basic forms (Heuze and Goodman, 1971; Hardy, 1975):

S = kWa Hb 

S = A + B (W/H)

where S is the strength of the pillar and W and H are the width and 

height, respectively, of the pillar and k, a, b. A, and B are experimen

tally determined constants. In the first basic formula, the value of 

k is determined from compression tests on cubical samples of some
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specified size. The values of a and b proposed by four different authors 

for designing coal pillars are listed by Hardy (1975). Of these formulas 

developed for coal, it appears that only the one by Holland (1962) has 

been considered (Parker, 1974) for use in other rock types (i.e., lime^ 

stone). In the second basic formula, the constants A and B are based 

partly on the compressive strengths of a sample of some specified size 

and shape. Formulas of this type have been developed by Obert and 

Duvall (1967) for designing rib pillars (in apparently any type of rock) 

and by Bieniawski (1968) for designing pillars in coal mines.

The Holland-Gaddy formula for the pillar compressive strengths 

8^ (in psi) is

% '  • L

where

L = least width of pillar (in inches)

T = thickness (height) of pillar (in inches)

K = /"U, where is the ultimate strength in psi from com

pression tests on cubical rock samples with edge dimensions 

of D inches

The formula is believed to give fairly accurate estimates of 

pillar strength for L/T ratios between 1 and about 12 (Holland, 1962 and

1973). In applying this formula, a safety factor of 1.7 to 2 should be

used in obtaining design pillar strengths (Holland, 1973) . Although 

this method is based on data for coal, it may also be applicable to 

limestone (Parker, 1974). However, results may be conservative due to
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the larger size and number of flaws in coal compared to the size and 

number of flaws in limestone.

Obert and Duvall (1967) have developed a formula specifically for 

the design of rib pillars. There is no apparent reason why ft cannot 

be used for square pillars of uniform size (Holland, 1973) . The pillar

compressive strength is given by

C = C- (.778 + .222 W /H )P 1 P P
where

= average compressive strength of intact rock samples with a

width to height ratio of 1.

W = width of pillar P
Hp = height of pillar

In designing pillars with this formula, a safety factor of at least 2 

is recommended by Obert and Duvall (1967).

Table 3.1 gives a comparison of safety factors according to the

two methods for pillars in existing underground facilities in limestone. 

Calculations are presented in Appendix B.l, Seven of the eight mines 

listed have square pillars. Since end effects are less significant in 

rib pillars than in square pillars, all safety factors listed are con

servative for rib pillars of the same heights and widths.

Safety factors for limestone rib pillars of various width to

height ratios are given in Table 3.2 to allow comparison of safety

factors against pillars failure with safety factors against other failure

modes. Calculations ate presented in Appendix B.2. Pillar safety fac

tors would generally be lower for non-welded tuffs, due to their lower



Table 3.1 Factors of Safety against Failure of Pillars in Existing Underground Facilities according
to the Holland-Gaddy and Obert and Duvall Formulas

Factors of Safety calculated by FS = Sp/Sp (Holland-Gaddy) and FS = Cp/Sp (Obert and Duvall)
See Appendix B.l for other calculations.

Formation and A Mine Depth Pillar Dimensions Factor of Safety
Compressive Strength Location (ft) Width(ft)Height(ft) Holland-Gaddy Obert and Duvall

Bethany Falls 
17,550 psi

Inland Storage 
Kansas City, KS

150-200 20 12 1.0—1.4 8.4-11 \

Downtown Industrial 
Park, Kansas City, 
MO

120 30 12-16 3.4-4.5 29-33

N. Independence 
Industrial Park, 
Independence, MO

100 20 13-17 5.7-7.5 61-65

Great Midwest 
Kansas City, MO

70-140 27 12-13 2.6-5.6 21-42

Brunson Instruments 
Kansas City, MO

80 15 12-13 16-17 150-160

Warsaw 
20,100 psi

Carthage Underground, 
Carthage, MO

50-60 20 17 2.2-2.6 23-28

Burlington 
11,000 psi

General Warehouse, 
Springfield, MO

50 30 27 2.1 27

Ash Grove Cement, 
Springfield, MO

55 35-40" 20-25 2.4-3.9 28-37

*Values for sample height: diameter = 2:1, from Haas, 1977a (Bethany Falls), Haas,^1978a (Warsaw), 
and Haas, 1980b (Burlington-Keokuk).



Table 3.2 Factors of Safety Against Failure of Limestone Rib Pillars according to the
HoHand-Gaddy and Obert and Duvall Formulas

Factors of Safety calculated by FS -  Sp/Sp (Holland-Gaddy) and
Fs = Cp/Sp (Obert and Duvall), for range of intact rock compressive strength
C0 = 9/90 psi (average of values for Burlington-Keokuk Limestone, from Haas,
1980b) to C0 = 17,900 psi (average of values for Warsaw Limestone, from Haas, 1978a)
See Appendix B.2 for other calculations.

Pillar Width:Height Ratio 
Original Adjusted+

Depth
(ft)

Range of Factors of Safety 
Holland-Gaddy Obert and Duvall

1.0 0.6 50 4.09-7.45 45-83
100 2.05-3.73 23-42
150 1.36-2.48* 15-28

. 200 1.02-1.86* 11-21
250 0.82-1.49* 9-17

1.5 1.1 50 7.33-13.5 68-124
100 3.67-6.76 34-62
150 2.44-4.51 23-41
200 1.83-3.38 17-31
250 1.47-2.70 14-25

2.0 1.6 50 10.7-19.5 91-165
100 5.35-9.78 45-83
150 3.56-6.51 30-55
200 2.67-4.89 23-41
250 2.13-3.91 18-33

For design applications, a value of FS > 1.7 to 2 is recommended by Holland 
(1973). .

tAdjustment is based on the assumption that the load carried by the outer 3 ft of 
pillar is negligible. Ln
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strength and higher for granites, due to their higher compressive

strength. Safety factors would also have a much wider range due to the

variability of compressive strength of these rock types.

Tables 3.1 and 3.2 show that pillar strengths calculated from

the Holland-Gaddy formula are much more conservative than those from the
*Obert and Duvall formula . The large discrepancy suggests that these 

methods should be used only in preliminary design work. It is expected 

that the "true" safety factors lie somewhere between the values based 

on the two methods.

One major source of this discrepancy is the treatment of pillar 

shape (width-to-height ratio) in the two formulas. In this respect, the 

Holland-Gaddy formula is more conservative than the Obert and Duvall 

formula. This discrepancy is not surprising since the shape effect is 

controlled by a number of factors, including the following (Hardy, 1975):

1. pre-mining horizontal stress

2. difference in deformation properties (especially in Poisson's 

ratio) between the roof or pillar and the floor

The Holland-Gaddy formula was also found to give conservative 
results when applied to the design of oil shale pillars by Hardy (1975). 
The predicted pillar strength (1400 psi), based on an average compressive 
stength of 13*000 psi of NX core, was less than half of the actual 
pillar strength (3100 psi), based on twenty stress profiles to the center 
of six different square pillars with a nominal width of 58 ft and a 
height of 60 ft (Hardy, 1975).



3» extent of damage to the rock on the pillar periphery

4o orientation of natural discontinuities

The significance of these factors can only be determined by detailed

study of pillar behavior»

Another source of discrepancy and a major source of uncertainty

in application of both formulas lies in the extrapolation of intact rock

strength to the in situ strength. Due to the presence of flaws

(i.e., discontinuities of all sizes and inhomogeneity) in rock, the

volume of laboratory samples has a significant effect on compression

test results. As the volume of the test specimen increases, the number
*of flaws also increases, causing a reduction in strength . In the 

Holland-Gaddy formula, the pillar strength increases with the size (D) 

of the test sample, but this increase is counteracted by the reduction 

in compressive strength (S^) with increasing sample size. In the Obert 

and Duvall formula, the size effect is taken into account simply by the 

reduction in compressive strength with increasing sample size. Differ

ences in treatment of the scale effect by the two formulas may be

*A general size-strength relationship for the compressive 
strength S of rocks is given by Fairhurst (1973) as

S = k W01
where

W = width of pillar 
H = height of pillar 

k, a, 3 = experimentally determined constants.

The value of a is probably around 0.4 to 0.5 for most rocks, and 3 varies 
from -1.0 for extensively fragmented coal to 0 for massive unfractured 
rock (Fairhurst, 1973).



resolved by large-scale testing of limestone blocks of various sizes . 

Requirements for large scale compression tests are discussed by Van 

Heerden (1976). Alternatively, a large scale compression test may be 

performed in situ by gradually decreasing the size of a test pillar 

until it fails.

A third possible source of discrepancy between predicted pillar 

strengths may be due to a lack of specification of sample shape (i.e., 

cube vs. cylinder) used in determination of intact rock compressive 

strength for the Obert and Duvall formula. (Holland states that the 

strength is to be determined from cubical samples, while Obert and 

Duvall do not specify the sample shape, implying that the strength 

may be determined either from cylinders with diameter-to-height ratio 

of 1 or from cubes.) Although no comparisons of cylinder and cube 

strengths for limestone were found in the literature, concrete may be 

similar to limestone with respect to compressive strength characteris

tics. In a study by McHenry and Schideler (1956), the strength of 

cylindrical concrete samples was equal to that of cubical samples for a 

loading rate of 30 psi/sec, but cylindrical samples were up to 30%

*Bieniawski (1968) showed that in compression tests on coal, the 
scale effect is insignificant for cubical specimens of 3 to 7 ft. Thus, 
he was able to develop a pillar design formula with the width and height 
of pillars as the only variables. In a study by Bieniawski and Van 
Heerden (1975), results of large-scale compression tests on harder rock 
types (iron ore and diorite) suggest that

1. The scale effect becomes insignificant at a smaller cube size 
for harder rocks (about 3 ft) than for coal.

2. The scale effect does not produce as large a strength variation 
in harder rocks as it does in coal.
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stronger than cubes for faster loading rates« A series of laboratory 

tests by R* H„ Evans (Neville9 1972) showed the opposite relationship 

between cube and cylinder strengths* Cubes of high-strength (7600 psi) 

concrete were 4% stronger than cylinders 9 but cubes of low-strength 

(1000 psi) concrete were 23% stronger than cylinders * Since most 

limestones generally have much higher unconfined compressive strengths 

(up to 249450 psi9 from Appendix C«3) than concrete9 it is likely that 

limestone cylinders are stronger than limestone cubes * If this specu

lation is true9 the Obert and Duvall formula would give more conservative 

results when based on the strength of cubical samples*

In view of the observed differences between the two pillar design 

formulas9 it is improbable that a conventional empirical method will 

yield a satisfactory pillar design unless extensive data is available*

In this respect9 investigations in existing mines and in test facilities 

are required* The application of any empirical method will rely heavily 

on extrapolation of rock conditions at the existing mines and test 

facilities to a new site* Therefore9 investigations conducted before 

and during construction should include collection of the following data 

(Hardy9 1975):

1, compressive strength 

2* horizontal stress measurements 

3* attitude of joints

4. nature of any infilling in joints

5. joint spacing

6* general homogeneity of rock
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Of all these factors $, only variation in compressive strength is incor

porated into conventional empirical pillar design methods» If changes 

in the other factors are observed during construction, engineering 

judgment must be used to evaluate their effects on pillar strength 

(Hardy, 1975).

The uncertainties associated with empirical methods of pillar 

design may justify more detailed investigations for critical underground 

facilities in some rock masses.

According to Pariseau (1975), the stress analysis method is the 

most efficient (pre-mining) approach to the pillar design problem. Upper 

and lower bounds for pillar stability evaluations can be obtained by 

using finite element models characterized by elastic-plastic and elastic- 

brittTe behavior and an optimum design procedure would require the 

determination of compressive strength, stress distributions, load- 

deformation curves, and time dependent behavior for test pillars of 

various dimensions. Therefore, if sufficient funds are available for 

cavern projects, investigations for pillar design should include stress 

analysis and in situ compression testing with strain monitoring. Once 

the actual stress-strain behavior of pillars has been determined, more 

precise and realistic stability evaluation can be performed.

These investigations should be performed and evaluated with care 

because of local anomalies in pillar stresses and strains. Stress (or

Time dependent behavior is significant because most materials 
will exhibit lower strengths when deformed slowly than when deformed 
rapidly (Fairhurst and Singh, 1974).
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strain) anomalies may be due to variations in pillar stiffness and/or 

the influence of crosscuts (Heuze and Goodman9 1971),

3 o 2„4 Earthquake Damage

Earthquake damage in an underground opening can be due to fault 

displacement through the opening, permanent ground displacement, and 

shaking motion (ground accelerations)„ A tunnel intersected by an active 

fault is certain to suffer major damage as a result of fault displace

ment (Duke and Leeds, 1959)o Permanent displacements or deformations 

may change permeabilities and thus change groundwater movements, and 

high accelerations can cause structural damage (Pratt, Zandt, and 

Bouchon, 1979)o The magnitudes of ground displacements and accelerations 

depend partly on distance from the active fault, the nature of the medium 

through which the seismic waves travel, and the magnitudes of the 

earthquake« Openings in competent rock located away from active faults 

are generally structurally stable with respect to earthquake motion.

Only minor roof falls and floor heaving were noted in southern Illinois 

coal mines after the 1968 Hamilton County, Illinois, earthquake 

(intensity VII) (Heigold, 1968)» However, changes in groundwater flow 

and loosening of rock blocks present hazards to storage facility 

personnel and stored materials.

One way to evaluate seismic risk is to consider the locations 

and degrees of activity of faults and the distribution of past earth

quakes . Fault locations can be determined from geologic maps, but 

determination of degrees of fault activity may require detailed field 

work. Historical earthquake distributions are kept on file by the
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National Geophysical and Solar-Terrestrial Data Center of the National 

Oceanic and Atmospheric Administration (NOAA) <, Figure 3 „ 14 is an 

epicenter map obtained from this source for the New Madrid area of 

southeastern Missouri-southern Illinois«

On the regional scale, a map of seismic regions characterized 

by design earthquakes for the Central U o S <, has been presented by 

Nuttli (1973) and is shown in Fige 3ol5o The design earthquakes are 

based on conservative estimates of body wave magnitudes. Region 1 

represents the area with the highest probability of suffering a damaging 

earthquake. This region includes the New Madrid fault zone and the 

design earthquake has a body wave magnitude of 7.2 (magnitude of the 

three largest earthquakes of the 1811-1812 sequence). Region 2 includes 

the Wabash River Valley and Ste. Genevieve fault zones, and the design 

earthquake has a body wave magnitude of 6.2. Region 3 includes all 

other areas in the Central U.S., and the design earthquake has a body 

wave magnitude of 5.7. This map suggests that of all areas with siting 

potential for caverns in limestone (Appendix A), the most favorable 

areas with respect to seismic risk are in central and southwestern 

Missouri, south-central Indiana, and Kentucky. However, it must be 

emphasized that there is no place in the Central U.S. that can be 

considered aseismic (Nuttli, 1973).

Current methods of dynamic stability analysis for underground 

structures are subject to a deficiency of information. In most under

ground projects, details preconstruction stability evaluations are 

usually not justifiable, since the current state of the art of static
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Central U.S.— The design earthquake specified for seismic 
region (M^ = 7.2, Ms = 7.5) might be expected to occur any
where within region 1. Similarly, the design earthquake 
specified for region 2 (M^ = 6.2) might be expected to occur 
anywhere in region 2a, 2b, 2c, or 2d. The design earthquake 
specified for region 3 (M^ = 5.7) can be expected to occur 
anywhere in region 3a, 3b, 3c, or 3d and less frequently in 
region 3e, which is taken to be all the area of the Central 
U.S. not enclosed by the hatched lines in the figures.—  
from Nuttli, 1973.
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tunnel design relies heavily on observation and modification during 

construction (Yanev and Owen9 1978)e

A traditional and simplified approach to the prediction of struc

tural damage due to ground motion is based on maximum particle velocities 

and accelerationso These parameters are functions of source character

istics, medium properties, wave frequency, and distance from the source. 

These parameters can be used to obtain a rough estimate of mini

mum safe distances from an active fault. According to Hendron (1977), 

unlined tunnels rarely experience visible damage when free-field 

velocities are on the order of 1 to 2 ft/sec, unles a loosened piece of 

rock is detached by shaking. Dowding (1979) studied earthquake responses 

of 71 tunnels in rock of different qualities and found that no damage 

occurred for peak surface accelerations below 0.2 g. Nuttli (1973) has 

developed relationships of both particle velocity and acceleration to 

wave frequency and horizontal (epicentral) distance for the design 

earthquake of seismic region 1 (the New Madrid faulted zone), These 

relationships shown in Figs. 3.16 and 3.17 are based on the following 

parameters and conditions (Nuttli, 1973):

1. estimated ground motion for the three largest earthquakes of 

of 1811-1812 sequence

2. relationships between particle velocity, epicentral distance, 

and seismic intensity values for the 1811-1812 earthquakes

3. relationships between particle velocity, acceleration, and 

horizontal distance from attenuation studies for earthquakes 

of small magnitude
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4 o presence of a surface layer of competent rock 

5o vector resultants of vertical and horizontal components of 

sustained maximum levels of surface wave motion 

From Nuttlivs curves relating particle velocity to horizontal distance 

(Fig, 3.16), for wave frequencies of 0.3 to 3 Hz, velocities of 12 in/ 

sec occur at distances of 10 to 80 mi. From Nuttli’s curves relating 

acceleration to horizontal distance (Fig. 3.17), for the same range of 

frequencies, accelerations of 0.2 g occur at distances of 15 to 25 mi. 

Thus, these relationships suggest that underground facilities sited at 

least 25 to 80 miles from large, potentially active faults in the New 

Madrid area will be safe from earthquake damage.

Another approach to the prediction of damage due to ground motion 

is based on maximum seismic stresses or strains. This approach was 

used by Yanev and Owen (1978) in a comparative study of three candidate 

host formations for 18 ft diameter tunnels at the Nevada Test Site. It 

was assumed that the tunnels are to be constructed at a depth of 2000 ft 

in either shale, granite, or tuff.

Earthquake damage to structures also depends partly on the time 
duration of maximum ground motion, which in turn depends on distance 
from the source and magnitude of the earthquake. From data recorded by 
the Wood-Anderson torsion seismograms at Cape Girardeau, Missouri, the 
time duration at an epicentral distance of 25 to 100 km (16 to 63 mi) is 
about 30 sec. In addition the duration of sustained maximum surface wave 
motion at a distance of 120 km (75 mi) for the three largest earthquakes 
of the 1811-1812 sequence was estimated by Nuttli (1973) to be as long as 
30 sec. At larger epicentral distances, dispersion of waves becomes more 
pronounced, so that the time duration may be as long as 1 to 2 min. The 
duration of maximum motion at distances less than 25 km is not known, 
since there are no strong motion instrument recordings of an earthquake 
in the Central U.S.— from Nuttli, 1973.
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The analysis by Yanev and Owen (1978) involved the following

steps:

lo selection of design response spectra including peak ground 

accelerations of 0„3 g, 0,5 g, 0,7 g9 and 1.0 g from 

earthquakes and underground nuclear explosions^

2, characterization of seismic motion based on (a) combinations

of dilational (P-waves) and shear waves (S-waves) that

produce the highest strains and (b) the peak particle
2velocities of various waves

3, consideration of types of tunnel deformation (including axial,

curvature, and cross-sectional deformations) for various
3combinations of waves and tunnel orientations

1, The design response spectra for earthquakes are based on 
detailed studies of typical earthquake response spectra and have been 
used as standard criteria for seismic design of nuclear power plants 
(Yanev and Owen* 1978).

2, From consideration of various combinations of P-waves and 
S-waves propagating at various orientations, it was determined that the 
maximum strains and stresses occur either for three orthogonally propa
gating P-waves or for three orthogonally propagating S-waves (Yanev and 
Owen, 1978),

3, Axial deformations develop when a P-wave or S-wave propagates 
obliquely to the tunnel axis, and produces alternating regions of 
compressive and tensile stress travelling along the axis, In this study, 
curvature deformation in an unlined tunnel were considered negligible, 
because shear strains due to long (potentially damaging) seismic waves 
are not affected by the presence of the tunnel, (The moving part of the 
rock mass is very large relative to the opening.) Cross-sectional defor
mations were also negligible, because essentially uniform compression or 
tension is produced in the tunnel cross section by long seismic waves 
(Yanev and Owen, 1978), Shorter seismic waves could produce significant 
cross-sectional deformations and stress. However, these effects are 
insignificant away from the source because short seismic waves are 
quickly attenuated as they move through rock masses.
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4. calculation of elastic states of strain produced by individual 

waves in each candidate rock type^

5. calculation of maximum seismic stresses by superimposing the 

strain states

6. addition of maximum seismic stresses to estimated static field 

stresses

7. comparison of the total stresses to the ultimate strengths of 

the rock.

Results of the stress analysis consist of discussion of the 

effects of compressive and tensile seismic stress pulses on each candi

date host rock. Comparisons of maximum compressive stresses with the 

ultimate intact rock strengths of tuff and granite indicate that the 

ultimate strengths will not be exceeded for any of the specified levels 

of ground acceleration. For shale, however, the calculated stress

indicate that crushing may occur at peak ground accelerations of 0.7 g 
2and above . Tensile stress calculations indicate that tensile fracturing 

does not seem possible in tuff and granite. In shale, tensile fracturing 

might be expected at peak ground accelerations of 0.5 g and above. In 

addition, the seismic stress calculations (based on deformation proper

ties of the rock and on estimated compressive field stresses) suggest

1. For simplicity and conservatism, attenuation of seismic 
motion with depth was ignored in the calculation of strains and stresses 
at the depth of the tunnel.

2. At compressive stresses lower than the ultimate strength, 
spalling may occur because of local buckling of rock in the roof or walls 
of an unlined tunnel (Yanev and Owen, 1978).



that the development of tensile stresses is possible in granite at peak 

ground accelerations of 0.7 g and above and in tuff at peak ground 

accelerations of 0.5 g and above. The presence of tensile stresses in 

rock masses (assuming that discontinuities have not tensile strength) 

implies that existing fractures can open, allowing rock blocks in the 

roofs and walls of underground openings to loosen (and possibly fall) 

as the tensile stress pulse passes (Yanev and Owen, 1978).

A dynamic stability analysis of this type may be applied to mined 

caverns at shallow depths, but considerable modification would be 

required. In this respect, the following points are considered signifi

cant:

1. For simplicity, the stress analysis by Yanev and Owen (1978)

did not account for the presence of the tunnel. The estimated

vertical stress was based on the density of the rock and a

depth of 2000 ft, and the horizontal stress was taken as 50%
*to 150% of the vertical stress.

2. From consideration of surface wave effects on tunnels at great 

depths, it was determined that differential surface wave motion 

appears to be small and to have negligible effects (Yanev and 

Owen, 1978).
Neither of these conditions are applicable to a dynamic stress analysis 

of caverns at shallow depths. In this case, static in situ stresses

*This approach was considered acceptable because the primary 
objective of this study was to compare the seismic response of the three 
rock types. A rigorous analysis (such as may be required in the final 
design) would involve calculation of stresses with the presence of the 
tunnel and would employ more refined failure criteria (Yanev and Owen,
1978).
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are significantly affected by the presence of the openings» Surface 

waves impinging upon a limestone bluff may have unstabilizing effects 

on access tunnels in the bluff0

Results of other studies on the effects of earthquakes on under

ground structures include the following points:

le Peak accelerations decrease rapidly with distance from the 

causative fault (Dowding, 1979)-

2o Permanent ground displacements decrease with distance from the 

source (fault) and with decreases in energy of the source 

(Pratt, Zandt, and Bouchon, 1979),

3, From a review of literature on the relationship between ground 

motion and depth, motion generally attentuates with depth, 

but motions observed underground have sometimes been found

to be stronger than those on the surface (Yanev and Owen, 1978),

4, The susceptibility to damage of an underground opening depends 

on its diameter and depth, and large rock caverns may have to 

be sited deeper than smaller tunnels in order to achieve the 

same degree of stability (Dowding, 1979).

5, More damage has been reported in near surface tunnels than in 

deep mines, although mines exist in areas where earthquakes 

have done extensive surface damage (Pratt, Stephenson et al,, 

1979),

6, Portals are more susceptible to damage than the rest of a 

tunnel, since (a) the peak acceleration due to shaking is 

greater at the surface than at depth (Pratt, Stephenson et al,, 

1979), and (b) most block motion displacements have been
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recorded at the surface or at a free surface of tunnels 

(Pratt, Zandt, and Bouchon, 1979)0 

7o A two-dimensional finite element stress analysis with earth

quake time histories shows that (a) seismic stresses are much 

smaller than the strength of granitic rocks and (b) openings 

in homogeneous rock have a fairly high degree of safety against 

earthquakes, but the nature and extent of jointing has a 

significant effect on dynamic stability (Yanev and Owen, 1978)» 

8o The amplitude and frequency of seismic waves, which control 

dynamic ground motion, depend on geologic structure and 

material properties (Pratt, Zandt, and Bouchon, 1979), as 

well as on source characteristics.

9o In elastic model studies, the high frequencies of shear waves 

are amplified more in layered systems than in a homogeneous 

system (Pratt, Zandt, and Bouchon, 1979),

10o In a multilayer elastic system, ground motion is greater in 

lower velocity (lower modulus) layers (Pratt, Zandt, and 

Bouchon, 1979)o

11. In a multilayer elastic system, the amplification of low fre

quencies of shear waves decreases with depth in each layer, 

while the amplification of high frequencies is roughly 

independent of depth within a layer (Pratt, Zandt, and Bouchon,

1979).

The complexity of the problem of predicting the occurence and 

effects of earthquakes provides justification for a conservative.
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state-of-the-art approach in site selection for underground facilities. 

Needs for future research are discussed by the Panel on Earthquake 

Problems Related to the Siting of Critical Facilities and the Committee 

on Seismology (1980).

3.3 Failure Modes for Caverns in Limestone-Shale Formations

3.3.1 Bearing Capacity and Settlement

Design dimensions of pillars in limestone-shale formations should 

be based on the following considerations:

1. overburden load and pillar strength (as discussed in Section 

3.2.3)

2. allowable bearing loads on roof and floor

3. allowable settlements of the floor beneath pillars.

A bearing failure occurs when the stress exerted by a pillar is 

high enough to cause shearing in the roof or floor, as shown in Fig.

3.18. The accompanying displacement of■either roof or floor rock is

likely to cause serious roof control problems. Also, according to 

Holland (1973), observations in any mines (probably coal mines) indicate 

that the initiation of some pillar failures is due to inadequate .bearing 

strength in the roof or floor. However, not much information suitable 

for design purposes is available (Holland, 1973).

Factors affecting bearing capacity of roof and floor rock include 

(1) strength and deformation properties of the pillar and roof or floor , 

rock, (2) pillar width, arid (3) magnitude of horizontal field stresses.
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# # # - IMMEDIATE ROOF<4'

%RIGID%
PILLAR

A. Pillar Punching into Roof

• »v:. .rV

'/RIGIDX 
P I LL A R

B . Pillar Punching into Floor

Fig. 3.18 Shear Failure by Pillar Punching into Roof and Floor, 
Resulting in Deflection of Roof
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Probably the most important consideration in bearing capacity 

analysis is the effect of the relative stiffnesses of the footing 

(pillar) and the overlying and underlying material. When an overburden 

load is concentrated in a small area (e.g., on rib pillars left in 

rooms), a pillar may have enough strength and stiffness to punch into 

the roof (HeuzS and Goodman, 1970; Parker, 1973). Punching failures 

are possible where a flexible roof loads a rigid pillar (Heuzd and 

Goodman, 1971) or where a rigid pillar loads a flexible floor.

Punching failures may be prevented by cutting slots in pillars 

in order to decrease their stiffness and thus decrease stress concentra

tions at interfaces between pillars and roofs (Heuze and Goodman, 1971). 

However, in.a stress field where the horizontal stress is much less 

than the vertical, pillar softening is detrimental to roof stability 

(Aggson, 1979). Pillar softening also induces localized failures and 

should be avoided in facilities where the containment capacity of the 

rock is critical.

In the case of a rigid footing on layered rocks of different 

stiffnesses, the bearing capacity has a great dependence on the footing 

width. However, in the case of a rigid footing on homogeneous material, 

the footing width has a less significant effect on bearing capacity 

(Coates, 1970). In general, the relationship between the bearing 

capacity qf of rock, unconfined compressive strength Qu of rock, and 

width B of footing is given by Coates (1970) as

^  “ V 5” -
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From the results of a study by Jenkins (1960), the exponent n has a 

value of 0.89 to 0.95 for layered rocks (Coates, 1970).

The type of rock composing the roof and floor is significant be

cause the bearing strength increases with the internal friction of the 

material. Due to the decrease in effective internal friction angle with 

pore pressure in clays and shales, it is likely that most bearing 

capacity problems occur in mine roofs and floors composed of these 

materials. Thus, a bearing capacity evaluation of mine floors containing 

clays and/or shales must take into account the in situ moisture content 

of the material. The effect of pore water pressure can be incorporated 

into a bearing capacity evaluation by the use of laboratory and/or in 

situ testing.

For a preliminary evaluation of bearing capacity based on labora

tory testing of roof and floor rock, a rule of thumb suggested by 

Holland (1973) may be applied. This rule states that the roof and floor 

rocks are safe in bearing if the average bearing stress is less than 

the unconfined compressive strength of the rock tested at the in situ 

moisture content. According to Berry and Nair (1970), this rule should 

be applied to all rock in the roof or floor within a distance of three 

times the opening width.

In situ plate bearing tests provide better estimates of bearing 

capacity and settlement since actual failure conditions are simulated. 

However, results are subject to the effects of the volume of roof or 

floor material influenced by the bearing plate. According to Holland 

(1973), tests performed by Dulaney (1960) and by the U.S. Bureau of Mines 

(Berry and Nair, 1970) on wet and dry shales indicate that size effects
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are insignificant if a square or rectangular plate is usede However, 

this statement is valid only for the range of plate sizes used in these 

testso The optimum test plate size depends on geologic structure, test 

chamber size, and magnitude of applied pressure, and the most practical 

plate width is usually in the range of 18 to 24 in (Dodds and Schroeder,

1974)« Other factors affecting bearing plate tests are discussed by 

Dodds and Schroeder (1974)•

Horizontal field stresses affect the bearing capacity of roof 

and floor rocks by providing lateral confinement, thus changing potential 

failure surfaces e Shear failure surfaces are near vertical under low 

lateral stress, and are nearer horizontal under high lateral stress,

Roof and floor problems associated with high horizontal stresses are 

discussed in Section 3o3.2.

Both bearing failure and tensile fracturing in the roof must be 

prevented by providing an immediate roof consisting of competent rock. 

Since a competent roof is required to prevent tensile fracturing, an 

immediate roof consisting only of limestone is considered in this bearing 

capacity analysis. A conservative bearing capacity evaluation for the 

immediate roof shown in Fig. 3.19 involves the following assumptions:

1. The pillar and immediate roof are rigid.

2. The potential failure surfaces extend vertically through the 

roof, so that the entire weight of the overburden is a driving 

force,

3. The shear strength of the overburden is negligible and the 

lateral stresses in the immediate roof are negligible, so
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Fig. 3.19 Physical Situation Used in Calculation of Safety Factors in 
in Table 3.3.
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that the entire resisting force is provided by the cohesion 

of the bed(s) in the immediate roof.

A comparison of the resisting shear strength (immediate roof cohesion) 

with the driving shear stress gives the safety factor against vertical 

shear. The driving shear stress may be obtained by summing forces to 

consider shear failure at both corners of the opening, or by summing 

moments to consider shear failure at only one corner. The resulting 

expressions for safety factor are identical.

Safety factors calculated for limestone roofs by the above 

procedure are presented in Table 3.3. Calculations are presented in 

Appendix B.3. Forces acting on the roof slab are shown in Fig. 3.20. 

Immediate roof cohesion was conservatively estimated from three intact 

rock failure envelopes in Appendix C.3. Due to the conservative assump

tions of no shear strength in the overburden and no lateral stresses on 

the roof slab and to the general absence of fractures in massive 

limestone beds, a safety factor of 1 or greater is considered to be 

sufficent for design based on this method. The results become more 

conservative with depth, as both shearing resistance in the overburden 

and lateral stress increase with depth. These conservative assumptions 

might be partially counteracted by overestimation of immediate roof shear 

strength (as intact rock cohesion).

Many analytical methods may be used to determine the bearing 

capacity of the floor beneath a pillar, depending on the nature of the 

floor rock. Three methods are described by Coates (1970):

1 . wedge method

2. Terzaghivs method, for non-brittle (i.e., somewhat plastic) rock



Table 3„3 Factors of Safety against Vertical Shear Failure in Limestone Roof Slabs

Factors of Safety calculated by FS = 2tc/W0Yh for range of cohesion c = 1000 psi (from 
failure envelope for Bethany Falls Limestone Fig, Col) to c = 1500 psi (fron failure 
envelopes for Warsaw and Burlington-Keokuk, FigSo Co2 and Co3)o
See Appendix B,3 for other calculationso

Room Width 
W0 (ft)

Depth 
h (ft) 1

*Range of FS 
2

for various 
3

Immediate Roof Thicknesses t (ft) 
4 5 6

40 50 0.91-1.36 1.82-2.73 2.73-4.09 3.63-5.45 4.54-6.81 5.45-8.18
100 0.45-0.68 0.91-1.36 1.37-2.05 1.82-2.73 2.27-3.41 2.73-4.09
150 0.61-0.91 0.91-1.36 1.21-1.82 1.51-2.27 1.82-2.73
200 0.45-0.68 0 .68-1.02 0.91-1.36 1.13-1.70 1.37-2.05
250 0.55-0.82 0.73-1.09 0.91-1.36 1.09-1.64

50 50 0.73-1.09 1.45-2.18 2.18-3.27 2.91-4.36 3.63-5.45 4.37-6.55
100 0.37-0.55 0.91-1.09 1.09-1.64 1.45-2.18 1.82-2.73 2.18-3.27
150 0.49-0.73 0.73-1.09 0.97-1.45 1.21-1.82 1.45-2.18
200 0.55-0.82 0.73-1.09 0.91-1.36 1.09-1.64
250 0.64-0.96 0.80-1.20 0.96-1.44

60 50 0.61-0.91 1.21-1.82 1.82-2.73 2.43-3.64 3.03-4.55 0.73-1.09
100 0.61-0.91 0.91-1.36 1.21-1.82 1.51-2.27 1.82-2.73
150 0.61-0.91 0.81-1.21 1.01-1.52 1.21-1.82
200 0.61-0.91 0.76-1.14 0.91-1.36
250 0.61-0.91 0.73-1.09

Values of FS < 1 do not necessarily imply instability due to the conservative assumptions 
involved in derivation of the expression for shear strength in the immediate roof*



102

* * 1 1 1 1 *

Y h = vertical stress due to overburden o o
a = horizontal field stress on ends of slab h
y = unit weight of slab 

t  = shear resistance in slab

Fig. 3.20 Stresses Acting on a Roof Slab Failing in Vertical Shear.



3o method based on Griffith’s strength theory9 for brittle rock. 

If the actual bearing stress exceeds the allowable bearing stress from 

an appropriate method9 the pillar widths should be increased or room 

widths should be decreased.

The wedge method of bearing capacity analysis is the basis for

the other two methods9 and involves the following assumptions (Coates9
\

1970):

1, The failure surface is composed of two planar surfaces9 as 

shown in Fig, 3,21A,

2. The loaded area is sufficiently long that the resistance of 

the ends can be ignored,

3 o There are no shear stresses on the loaded area.

4, Average body forces can be used for each wedge (X and Y 9 in

Fig. 3.21B and C.

The ultimate bearing stress is given by the following equation 

(modified from Coates9 1970):

qf = 0.5 yB tan5 (45° + <j>/2) + [tan4 (45* + <f>/2)-l]

+ q tan4 (45° + <j>/2) 

where y = unit weight of material under the footing (pillar)

B = width of footing

cj) = internal friction angle of material under the footing

c = cohesion of material under the footing

q = surcharge on the horizontal surface extending laterally

from the base of the footing

Experimental evidence obtained by Ladanyi and Roy (1971) indicates that

the wedge method gives conservative results.



8 

A. 

h ton a 

+· + ' ' c:r3 

l • 

B, 

c. 

Fig. 3.21 Diagram of Stresses in the Wedge Method of Bearing 
Capacity Ana1ysis.--from Coates, 1970. 
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This method is valid only if the material is homogeneous through

out the depth h of the wedge, given by: 

h = B tan (45 + <j>/2)

If the wedge is intersected by a discontinuity (e.g., a joint or bedding 

plane) or by a layer of weaker material (e.g., sand, clay, or shale) 

the potential failure surface is changed and the bearing capacity is 

reduced. If the friction angle is greater than 30°, as in dry shales 

and unfractured limestones, the wedge extends to a depth greater than 

1.7 times the pillar width. Thus, for the proposed layout with 15 ft 

high rib pillars and a width to height ratio of 1, a depth of 25 ft 

beneath the floor would certainly be intersected by a number of bedding

planes, and a modified failure wedge must be used.

In soil mechanics it is standard practice to use a friction angle 

of zero for saturated, undrained clays. This procedure may also be used

to obtain a conservative estimate of the bearing capacity of a mine
*floor consisting of wet shale. For cj> = 0, the ultimate bearing capacity 

based on the wedge method can be reduced to the following form:

qf = hyB + 4c

The Terzaghi method is based on assumptions similar to those for

the wedge method, except that the potential failure surface curves

upward from beneath the footing, as shown in Fig. 3.22. The ultimate

bearing stress qf for a long footing (i.e., with a length greater than

the width) is given by (Terzaghi, 1943):
*Considering that the internal friction angle of hard shale may 

be as high as 45° (Adler and Sun, 1976), the assumption of <j> = 0 can be 
expected to give conservative results.
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Fig. 3.22 Failure Surface assumed in Terzaghi’s Bearing Capacity 
Theory.— after Adler and Sun, 1976.



where y» B, c, and q are as defined for the wedge method, and the 

bearing capacity factors N are as follows:

N - cot * (3t/4 - */2) ) ^  (Ierzaghl> m 3 )
c 2 cos (45°+ §/2)

N _ exp [2 tan<{> (3n/4 - 4/2) ] 
q 2 cos2 (45°+ */2) (Terzaghi, 1943)

Ny = 1.5 (Nq - 1) tan <j> (Coates, 1970)

For <f> = 0, the bearing capacity coefficients are as follows (Terzaghi, 

1943):

Nc = 5.14 (smooth base) to 5.7 (rough base)

N = 1q
\  - 0.

The Terzaghi equation for (j) = 0 may be used to obtain a conservative 

estimate of the bearing capacity of shales in mine floors (Adler and 

Sun9 1976)o Where the length of the footing is of the same order as 

the width, the factor should be replaced by a modified factor ’ 

(Coates, 1970):

N ' = [1 + 0.2 tan2 (45 + > / 2)]

The Terzaghi method is suggested by Adler and Sun (1976) for the 

problem of estimating the ultimate bearing load exerted by a pillar on 

a mine floor» A factor of safety of 2 to 4 is recommended for design 

purposes. The allowable bearing load obtained by this method ensures
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against both shear failure and excessive differential settlement 

(Adler and Sun, 1976).

There is evidence that the Terzaghi bearing capacity theory 

applies to rocks in which some plastic reaction occurs to redistribute 

stresses (Coates, 1970). However, in brittle materials (e.g., hard 

rocks), internal stress concentrations on grain boundaries produce local 

fractures, and the assumed failure surfaces are not valid (Coates, 1970).

An alternate method to evaluate the bearing capacity of rock, 

based on the Griffith strength criteria, is presented by Coates (1970). 

Assumptions involved in the use of this method include the following:

1. The contribution of wedge X in Fig. 3.21 (material adjacent 

to the material directly under the footing, providing lateral 

confinement) is negligible.

2. The shear strength of the material is mobilized along the 

entire failure surface at the same time.

3. The material under the footing is a continuous medium.

The first assumption implies that the effect of any surcharge loading

adjacent to the footing is also negligible in most cases.

From the Griffith strength criterion, the following equations

are given by Coates (1970) for the bearing capacity of brittle rock:

q. = 24 T , where T = uniaxial tensile strength f s s
q^ = 3 Q^, where = uniaxial compressive strength 

These equations are somewhat under-conservative due to the assumption 

of instantaneous mobilization of shear strength along the failure 

surface. It is more likely that failure is initiated at a point of high 

stress concentration and propagates into a progressive failure.
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A more conservative approach would involve the assumption that 

the rock mass will not sustain any tensile stress» It would then 

follow ' that = Q^e Although this criterion is suggested by Coates 

(1970) for brittle rock, it also has been suggested that a safe estimated 

bearing strength of a mine floor composed of clay or shale is equal to 

the unconfined compressive strength (Holland, 1973, after 

Tschebetarioff, 1951)o This method for bearing capacity evaluation is 

in agreement with the rule of thumb discussed previously.

For purposes of preliminary analysis and comparison, safety 

factors based on the wedge method, the Terzaghi method, and the rule 

of thumb (bearing strength = compressive strength) for shale floors * 

under rib pillar are presented in Table 3.4. Calculations are presented 

in Appendix B.4. For weak floor rock (minimum factor of safety), the 

wedge and Terzaghi methods give similar results and the rule of thumb 

is conservative. For strong floor rock (maximum factor of safety), the 

wedge method is conservative and the Terzaghi method and the rule of 

thumb give similar results.

It must be emphasized that these bearing capacity estimates are 

based on a number of simplifying assumptions subject to site-specific 

floor conditions. If the floor contains thick, unfractured limestone 

beds, the bearing capacities calculated here for shale floors are some

what conservative, since the intact rock failure envelopes for intact 

limestone (Appendix C.3) show higher friction angles than thos typical 

of wet shales. However, if the floor contains discontinuities with low 

shearing resistance and unfavorable orientations, the methods used here 

may give unsafe results. The bearing capacity of bedded and jointed
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Table 3.4 Factors of Safety against Bearing Failure of Shale Floors 
under Limestone Rib Pillars

Factors of Safety calculated by FS = q^/S^ for range of ultimate 
bearing strength qf based on assumed rock properties (friction 
angle, cohesion^ and uniaxial compressive strength) and average 
bearing stress %  based on Tributary Area Theory.

See Appendix B .4 for other calculations.

Method and Assumed 
Properties of Floor Rock

Depth
(ft)

Range of FS for 
Assumed Rock Properties

Wedge 50 10-16
100 5.4-8.5

-e- II o 150 3.7-5.8
c = 625 to 2680 psi 200 2 .8—4.4

250 2.2-3.5

Terzaghi 50 14-21
100 7.0-11

oII 150 4.8-7.4
*c = 625 to 2680 psi 200 3.6-5.6

250 2.9-4.5

Rule of Thumb and Modified 50 5.2-22
Griffith Criterion 100 2.7-12(bearing strength3
compressive strength 150 1.9-7.9

C = 1250 to 5360 psi^ o 200 1 .4-6.0
250 1.1-4.8

Range of cohesion for wet and dry shales, assuming c = % C^.

Range of compressive strength C for wet and dry shales, from 
Dulaney (1960). °
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floors should be evaluated by a modified wedge method based on site- 

specific failure surfaces.

In an underground excavation with a floor containing clay or 

shale9 settlement of pillars is likely to be more critical than bearing 

capacity. Large absolute settlements are usually accompanied by exces

sive differential settlements9 due to local variations in the floor 

material (Adler and Sun, 1976), Large differential settlements could 

then cause dangerous differential deflections in the roof (Adler, 1973), 

This failure mechanism is discussed in more detail by Alder (1973) and 

by Adler and Sun (1976),

An example of mine failure due to excessive settlement was noted 

by Fredericksen and Gentile (1972) in a mine floor below the Argentine 

member of the Wyandotte Limestone at Kansas City, Kansas, The bearing 

pressure on the shale floor was estimated as 1100 psi. The unconfined 

compressive strength of the shale ranged from 3 to 1740 psi. Failure 

occurred when the pillars settled and tipped, causing collapse of the 

roof.

Several methods of calculating settlements, both total (consoli

dation) and elastic (immediate or compressive), are presented in soil 

and rock mechanics literature, These methods involve the use of pressure 

bulb contours for footings (pillars) of the appropriate shape and either

*  ' ' ■According to Adler and Sun (1976), either the Boussinesq or
Westergaard solutions for stress below a footing may be used, The 
Boussinesq solution is based on a homogeneous, isotropic, and semi
infinite mass. The Westergaard solution is based on stratified 
anisotropic conditions and is applicable for sedimentary deposits 
with alternating layers of finer and coarser materials or aniso
tropic soils (Bowles, 1977),
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the void ratio ratio or Young’s modulus of the material below the 

footingo The pressure bulbs for square and continuous footings are 

applicable to regular (checkerboard) room and pillar and rib pillar 

layoutss, respectively3 and are shown in Fig. 3.23. In all cases, pillars 

must be assumed rigid.

The method suggested by Adler and Sun (1976) for predicting mine 

floor settlement involves the consolidation test, commonly used in soil 

foundation analyses. The total settlement AH is calculated as

where

where

An average value of AH should be determined by testing samples from 

various depths within clay or shale beds under pillars. A potential 

difficulty in applying consolidation test results to settlement calcu

lations in shale mine floors lies in the stabilizing effects of horiz

ontal field stresses. Thus, predicted settlements based on consolidation 

testing of shales will be higher than actual measured settlements.

AH - H r o

H = stratum thickness

e = initial void ratio o
P0 + Ap

Ae = change in void ratio = C log --------
^o

= initial stress

Ap = stress increment at sample depth, determined from pressure 

bulb chart

C = compression index, determined as the slope of the e-log p 

curve
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Fig. 3.23 Pressure Bulb Chart based on the Boussinesq Equation for
Square and Long Footings.— from Bowles, 1977. Stress 
concentrations are applicable only along line ab as shown.
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Calculation of elastic settlements is based on integration of 

stress over the depth of influence and is one of the methods described 

by Bowles (1977). In homogeneous materials, the depth of influence is 

usually assumed to be about 1.5 times the footing width.

The settlement S is calculated as

S - L x f  '

s

where L = depth of stress influence or thickness of the elastic
1material , whichever is less;

Aq = average stress magnitude below the center of the 

footing, determined from the pressure bulb chart

The method described above is based on the assumption of semi-
&

infinite material with uniform elastic properties throughout the depth 

of the material. For a mine floor consisting of beds with different 

Young's moduli, Poisson's ratios, and thicknesses, a more accurate 

estimate of settlement may be obtained by the use of an appropriate 

elastic solution.

Several methods have been developed for two, three, and multi

layer elastic systems, and are presented by Poulos and Davis (1974). 

However, it appears that these solutions have not yet been applied to 

the determination of pillar settlements,in underground excavations.

A potential difficulty in applying these solutions lies in determining 

whether adjacent beds as separate layers or as single layers.

In a system with identical layers (uniform anisotropic media), 

finite element studies by Panet and Ricard (1976) indicate that stress
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contours extend deeper in the layered system than in a homogeneous and 

isotropic medium. In this case, the Boussinesq solution would give 

unsafe settlement estimates.

In mine floors containing beds of highly different stiffnesses 

(e,g», limestone and clay or shale), the elastic settlement of the 

stiffer material may be insignificant compared to that of the softer 

material.

In layered systems with modulus decreasing with depth, the 

stresses and deflections also decrease with depth relative to those 

given by the isotropic (Boussinesq) solution (Yoder and Witczak, 1975), 

In this case, the Boussinesq solution may be used to obtain conservative 

settlement estimates.

Due to the uncertainties involved in predicting settlements 

by analytical methods, settlements should also be estimated by in situ 

plate bearing tests.

Theoretical settlements determined by one of the above methods 

must be compared with in situ measurements of pillar settlement. If 

the measured settlements exceed predicted values, potentially unstable 

conditions may exist. Corrective measures for settlement problems 

include.the following (Adler and Sun, 1976):

1. controlling (increasing) pillar size

2. drying up the floor

3. leaving a floor sill (i.e., a competent limestone bed)

4. densifying the floor material.



3o3o2 Roof and Floor Failure Due to High 
Horizontal Compressive Stresses

High horizontal field stresses can cause roof failures by 

mechanisms other than tensile fracturing or shearing due to gravity 

loads o Where the maximum principal field stress is vertical or near

vertical, roof failures by bending or pillar, punching are among the most 

critical ground control problems« In these cases, horizontal stresses 

have a stabilizing effect, since.they decrease the tensile bending stress 

within roof layers, However, where the maximum principal field stress 

is horizontal or near-horizontal, roof failures by buckling, low-angle 

shearing, or plastic deformation are more critical.

Minimizing ground control problems associated with in situ 

stresses requires knowledge of the stress field early in the development 

of a mine (Aggson, 1979)„ Unusually high horizontal stresses may be 

encountered in areas where tectonic activity has occurred, such as near 

folds and faults, and may be detected by observations of rock behavior 

and/or by stress measurements during exploratory tunnel driving, A 

measurement of high horizontal stress at shallow depth in the Burlington 

Limestone at Carthage, Missouri is reported by Hooker and Johnson (1969) 

and is summarized in Table 3,5, Additional stress measurements are 

necessary to determine whether this measurement is representative of 

other limestones.

A flexible roof slab under lateral compression may buckle either

upward or downward, as shown in Fig. 3.24 depending on the distribution

of the lateral stresses acting on the ends of the slab and the magnitude

of the vertical stress due to overburden. An upward buckling roof can
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Table 3*5 Results of a Stress Measurement in the Burlington Limestone 
at Carthage9 Missouri0-— from Hooker and Johnson, 1969o

Depth: about 80 ft below original
ground surface, in quarry floor

Minimum horizontal stress: 5*36 MPa
(777 psi)

Maximum horizontal stress: 7,35 MPa
(1066 psi)

Direction of maximum horizontal stress:
N 2° E
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A. Roof Buckling Upward
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B . Roof Buckling Downward

Fig. 3.24 Failure of a Roof Layer by Buckling Under High Horizontal 
Compressive Stresses.
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be remedied by increasing the width of the opening to cause sagging 

(Parker, 1973; Haas et al., 1978)o However, this modification requires 

careful balancing of the increased tendency for gravity-induced bending 

with the decreased tendency for buckling» An upward buckling situation 

is not considered a significant failure mode, since the overlying beds 

and overburden prevent snap-through buckling action. The problem of 

downward buckling is much more critical, and increasing opening widths 

in this case is dangerous due to the possibility of rapid deflections 

under combined bending and buckling action. A safer way to prevent 

buckling is to adjust the alignment of subsequent excavations. This 

modification is effective only where there is a significant difference , 

in the magnitudes of the horizontal field stresses in mutually perpen

dicular directions.

If roof layers are thick and rigid, high horizontal stresses 

may cause low-angle shearing (Parker, 1973), as shown in Fig. 3.25.

This type of failure is initiated by removal of normal stresses (and 

consequently a reduction in shear strength within each layer) during 

excavation of the underlying rock. Low-angle shear failures have been 

observed above coal mine entries oriented perpendicular to the maximum 

horizontal compressive stress (Aggson, 1979). Evidence of shear failures 

as observed in existing mines include gouge material and striations on 

the failure surface and a resulting smooth, low-angle arch in the roof 

(Haas et al., 1978). Low-angle shear , failures may be prevented by 

narrowing openings or roof bolting to increase the normal stresses on 

potential failure planes or by changing alignments to reduce horizontal 

compression (where there is a significant difference in the horizontal \
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Fig. 3.25 Failure of a Roof Layer by Low-Angle Shearing Under High 
Horizontal Compressive Stresses.
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stresses in mutually perpendicular directions)„ A comparison of the 

maximum horizontal stress measurement (1066 psi) from Table 3«5 with the 

failure envelopes in Appendix C.3 suggests that shear failure is possible 

in some limestones (i.e., those with cohesion less than 1000 psi) under 

low normal stresses (i.e., at shallow depths).

Floor heave is caused by high horizontal field stresses or by 

chemical weathering of shale in the floor rock. Floor heave due to 

horizontal stresses can occur by buckling, low-angle shearing, or plastic 

deformation, depending on the nature and thickness of the floor rock.

Floor buckling failures have been observed in underground coal 

mines of southern West Virginia by Aggson and Curran (1978). These mines

have competent floor rock and high horizontal field stresses, and these

conditions may also exist in laterally stressed limestone floor beds.

Two types of buckling failure are described by Aggson and Curran (1978):

1 . tensile failure in the floor below pillar, with the failed 

end of the floor free to move upward.

2. tensile failures in the floor below two adjacent pillars, with 

the failured floor not free to move, resulting in another 

tensile failure between the two pillars.

These mechanisms are illustrated in Fig. 3.26. Remedial measures for 

buckling floors suggested by Aggson and Curran (1978) include:

1. cutting vertical stress-relief slots in the floor

2. driving main entries parallel to the direction of maximum

(horizontal) compressive field stress, thus minimizing the 

stress acting perpendicular to the entries.
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A. Tensile Failure at Point B with the End of the Column Free to 
Move Upward

Ev.:m r':

B . Tensile Failure at B and C with Motion Restricted and 
Additional Failure in the Center

Fig. 3.26 Two Types of Floor Buckling Failure due to Horizontal 
Field Stresses.— from Aggson and Curran, 1978.
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3o reducing the dimensions and increasing the spacing of openings 

perpendicular to the maximum (horizontal) compressive stress. 
The last two of these mining practices are illustrated in Fig. 3.27. If 

floors begin to buckle after an excavation has been completed, floor 

bolting may be used.

If the immediate floor contains one or more thick, rigid 

limestone beds, high horizontal stresses may cause low-angle shearing. 

The shear strength of floor beds is decreased when the overlying rock is 

removed during excavation, just as the shear strength of roof strata is 

decreased when the underlying rock is excavated. To prevent unstabi- 

lizing interactions between floors and sidewalls, shear failures in a 

limestone floor should be prevented. Remedial measures for shear 

failures in floor beds are the same as those listed above for buckling 

failures.

If the floor material is a clay or shale, high horizontal 

stresses can cause floor heave by plastic deformation. The problem can 

be solved by excavating the shale down to a competent limestone bed and 

using this bed as the floor. However, removal of thick shale beds is 

undesirable because the same thickness of shale would have to be left 

in the lower portions of pillars. Excessive pillar deformations due to 

shale settlement may cause roof control problems. Thus, the best way 

to avoid deformation of shale floors is to avoid siting caverns where 

the immediate floor would consist of shale.

For the proposed layouts, increasing the spacing of openings 
would not be necessary due to the relatively large widths of the rib 
pillars between rooms.
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A. Main Entries (Rooms) Driven Parallel to Direction of 
Maximum Field Stress

STORAGE ROOM

i i B i

B . Reduced Dimensions of Openings Perpendicular to 
Maximum Field Stress

Fig. 3.27 Mining Practices for Prevention of Floor Buckling due to 
High Horizontal Compressive Stresses.
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3o3»3 Weathering Problems in Roof and Floor

Groundwater has a weakening effect on any rock mass, but is 

particularly undesirable in limestone and shales. Stability problems 

due to weathering of limestone and shale are commonly observed in the 

roofs and floors of limestone and coal mines. Weathering problems in 

the roof are caused by groundwater infiltrating through discontinuities 9 

and those in the floor may be caused by exposure of shale to groundwater 

or water added during mining operations.

Many failures of limestone mine roofs can be attributed to weath

ering of the roof rock before the occurrence of tensile fracturing 

or joint shearing. According to Duncan (1978)9 failures in the Bethany 

Falls Limestone often occur after:

1 . softening of shale partings between limestone beds forming 

the immediate roof

2. sagging of the immediate roof layers,.

These .processes result in a decrease in the effective roof thickness 

and indicate the following:

1. Shale is an incompetent roof material.

2. The long term adhesion of shale partings should be assumed as

zero for design purposes.

3. The thickness of the limestone layers in the immediate roof 

of some sites is inadequate.

Roof bolting is commonly used to combine several thin beds into

a single, more competent layer or to anchor several thin beds to a thick

overlying bed. However, in mine roofs susceptible to groundwater
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seepage, long bolts penetrating the strate provide additional flow 

paths and thus increase the rate of weathering. To minimize this effect, 

short, angled bolts have been used more extensively (Duncan, 1978).

All discontinuities (including joints, fractures, and bedding 

planes) are potential flow paths for groundwater which can cause con

siderable weakening of a limestone rock mass. These discontinuities 

are enlarged and lengthened by dissolution of the rock.^ Water pressure 

acting on joint walls causes a reduction in normal stress. In clay- 

filled joints or bedding planes, water has a lubricating effect and may 

also initiate swell pressures against the wall rock. In discontinuities 

filled by porous or flaky calcite, the fillings may eventually dissolve 

(Brekke et al., 1974). The net result of these weathering phenomena is 

a reduction or complete loss of shear strength along the discontinuities. 

In bedded rock, the shear strength of discontinuities is especially 

critical in maintaining stability of the roof.

Bearing capacity and settlement failures can occur over the long
2term due to weathering of shale in mine floors (Duncan, 1978) » Signi

ficant losses in strength and increased compressibility of shale

1. Observations at the Inland underground facilities, reported 
by Hornbaker (1978), suggest that groundwater and joint conditions depend 
partly on the distance from the nearest exposure. In inner parts of
the mine, no significant seepage occurs, most joints are tightly closed, 
and the average joint spacing along a north-south line was measured as 
54 ft. Near entries, water flows from joints during wet weather, joints 
are open as much as 1 in, and the average joint spacing along a north- 
south line was estimated as 12 to 15 ft.

2. The reduction in strength due to moisture in coal mine shales 
is discussed in terms of fracture energy reduction and other mechanisms 
by Van Eeckhout (1976).
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floors below the Bethany Falls Limestone have been observed over a 

period of 20 years of exposure« These conditions have led to pillar 

settlement, differential roof movements, and failure conditions.

Floor heave due to chemical weathering of shale has been studied 

by Duncan (1978), Dougherty and Barsotti (1972), and Coveney and Parizek 

(1977). Upon contact with moisture, the shale swells and loses strength. 

Causes of swelling include growth of gypsum crystals within laminations 

in the shale (Duncan, 1978) and adsorption of water by clay minerals in 

the shale (Van Eeckhout, 1976). The floor heave that accompanies 

swelling has been an expensive problem to some underground developers 

in Kansas City, Missouri (Stauffer, 1978). Remedial measures used in 

this area include:

1. covering shale in pillars with concrete aprons

2. completely excavating the shale, leaving a floor of the 

underlying limestone.

Another way to stop swelling in a shale is by artificial treat

ment. Methods of soil stabilization used in clayey soils may also be 

effective in shales. Soil stabilization methods discussed by Sultan 

(1976) for strengthening and controlling swell in clays include the 

following:

1. compaction

2. lime stabilization

3. cement stabilization

4. in-place treatments (e.g., preloading, electro-osmosis, and 

construction of sand drains).
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The use of one of these methods would cause a substantial increase in 

construction costs for underground storage caverns,

The best ways to avoid weathering problems in limestone-shale 

formations are to locate a dry site for the cavern and to avoid shale 

in the immediate roof and floor. In the Kansas City area, the clays 

and shales overlying the Bethany Falls Limestone provide a seal against 

groundwater infiltrating downward. These materials have prevented 

solution channels from developing natural caves and karst topography 

in the limestone (Stauffer, 1978). When the clays and shales are 

penetrated during construction of ventilation shafts, they must be 

resealed with bentonite (Stauffer, 1978). Solution channels encountered 

during construction can be grouted in order to prevent groundwater 

inflow. Problems associated with weathering of shale can be prevented 

by siting caverns so that the immediate roof and floor consist entirely 

of competent limestone.



CHAPTER 4

STABILITY ANALYSIS BASED ON ELASTIC THEORY

4,1 General Assumptions and Objectives 

The problem of designing a stable opening in rock is complicated 

by the variable nature of the rock mass and the stress existing before 

excavatione To make the problem more determinate, a rock mass with 

few, randomly oriented discontinuities can be modelled as a homogeneous, 
isotropic, elastic medium. A rock mass consisting of unfractured 

stratified rocks can be modelled as a series of elastic beams or plates, 

depending on the length to width ratio of the opening.

These models allow determination of the magnitudes and distri

bution of stresses in the rock around an opening. The stability analysis 

is based on a comparison of these stresses with the strength of the 

rock mass. Tensile stresses around openings are especially critical, 

because rock masses typically have very low tensile strengths. (The 

tensile strength of randomly jointed rock is usually assumed to be zero.) 

Failure may also occur by development of large zones of high compressive 

and shear stresses.

An elastic analysis is based on an idealized rock mass and 

provides important criteria for preliminary design work. The validity 

of the model and its results must be evaluated by studying the properties 

and behavior of the rock mass during in situ investigations.

129
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4,2 Openings in Homogeneous Rock,

4,2,1 Perimeter Stress Concentrations

The stability of an opening in a homogeneous9 istropic, elastic 

medium can be analyzed in two dimensions by calculating the stresses 

in the cross-sectional planes of the openings and comparing these 

stresses to the strength of the rock mass. The problem is two-dimen

sional if the opening is very long relative to its width and if the 

stresses are uniform in.the cross-sectional planes.

One way to apply the theory or elasticity to tunnel design in 

homogeneous rock is to calculate the stresses along the perimeter of the 

opening in a given stress field, Obert and Duvall (1967) have presented 

a series of graphical representations of stress concentrations along the 

perimeter of openings of various shapes. Stress concentrations graphs 

V for rectangular openings are shown in Fig, 4.1, Stress concentrations 

are read off the graphs for a known or assumed stress field and then 

multiplied by the magnitude of the vertical stress S^ to obtain the 

stress a at any point on the opening perimeter. In this analysis, it 

is assumed that the stresses at the midspan and midheight points, rather 

than the maximum stresses at the corners, represent the stresses
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Fig. 4.1 Stress Concentrations on the Perimeters of Rectangular Openings.— from Obert and 
Duvall, 1967.
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*controlling the stability of the rock mass . The perimeter stresses 

at these points are then multiplied by appropriate safety factors to 

obtain the tensile and compressive stresses required for stability«

Stress concentrations and required rock strength for various 

rectangular openings and stress fields are listed in Tables 4.1 and 4.2. 

The stress concentrations in,Table 4.1 can be multiplied by any value 

of corresponding to the design depth of the excavation. The required 

rock strengths listed in Table 4.2 correspond to a depth of about 300 ft. 

For comparison, ranges of typical intact rock compressive strengths of 

granites, tuffs, and limestones are listed in Table 4.3. Additional 

rock strengths for Arizona granites and tuffs and for Missouri, Illinois, 

and Indiana limestones are listed in Appendix C. Results of the perime

ter stress analysis include the following generalizations:

1. Tensile strengths required for openings under low and high

ratios of horizontal to vertical field stress are much higher 

than the tensile strengths of jointed rock masses.

In the stress distribution for a rectangular opening, it can be 
argued that the maximum compressive stress concentrations shown in Fig.
4.1 are not necessarily critical when applied to an actual opening in 
rock. Localized fracturing and spalling may occur at corners due to very 
high stresses at these points immediately after excavation. However, for 
a rock mass to fail completely, it must absorb an amount of strain energy 
that is considerably higher than the energy required to cause initial 
fracturing at a point. (The mechanics of rock failure can be explained 
by the strain energy and theory of crack propagation discussed by Jaeger 
and Cook, 1976.) A more realistic approach to the problem of determining 
the perimeter stress needed to cause failure of an opening is to consider 
the stress concentrations at midspan and midheight, because a much larger 
volume of rock is affected by stresses having the same magnitude as the 
stresses at the midspan and midheight points than at the corners. This 
approach has been used previously by Hoek (1979) and by Brandshaug 
(1980).
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Table 4.1 Stress Concentration Factors for the Perimeter of Wide 
Rectangular Openings in Elastic Rock

Assumed Ratio 
of Horizontal to 
Vertical Stress

Sh/Sv

Stress

W /H 
Midspan °

Concentration

= 2
Midheight

*Factor a S
t  V

W /H 
Midspan °

= 4 
Midheight

0 -0.7 2.5 -0.8 3.0
1/3 -0.2 2.0 -0.4 2.5
1 1.0 1.4 0.7 2.0
3 1.5 -0.2 1.5 —0.1

Values were read from Fig. 4.1. Tensile stress concentrations are 
negative and compressive stress concentrations are positive.
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Table 4.2 Required Rock Strengths for Wide Rectangular Openings Based 
on Perimeter Stress Concentrations in Elastic Rock

2Assumed - Required Tensile and Compressive Strengths
Stress Fields

W  /H = 2 W /H = 4o o o o
t (Psi) Sv (psi) To (psi) Co (psi) To (psi) Co (P1

0 100 280 500 320 600

100 300 .240 1200 480 1500

300 300 0 840 0 1200

900 300 180 1350 900 1350

lo Assuming that the vertical stress increases with depth at a rate of 
1 psi per ft9 these stress fields represent extreme cases.that may exist 
at depths of about 100 ft for S^ = 100 psi and 300 ft for S^ = 300 psi.
2o Rock strengths are based on factors of safety suggested by Obert and 
Duval1(1967) t FS = 4 for T^, FS = 2 for C^o
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Table 4,3 Ranges of Compressive Strength of Selected Rock Types in 
North America

Uniaxial Compressive Strength 
sample groups

(psi) for petrologically distinct

Rock Type Minimum Maximum Reference

Granite 23,000 42,600 1

6,190 21,580 1

2,030 44,000 2

8,440 51,200 3

Tuff 530 38,100 4

528 3,335 2

Limestone 700 15,300 : 1

530 37,600 1

4,100 42,600 2

4,960 15,500 4

Strength of laboratory-size intact rock specimens without discon
tinuities, For some rock types it may be necessary to make corrections 
for scale effects and/or weathering deterioration.

References:
1, Obert and Duvall, 1967
2, Lama and Vutukuri, 1978 '
3, Dames and Moore, 1978
4, Coates, 1970
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2 o Failure due to compression is unlikely except in weak rock 

at great depths (i.e., greater than 1000 ft) since high 

compressive stresses occur only under high vertical stresses * 

and only in small zones around corners.

3, In general, a uniaxial stress field (S^ = 0) is the most

unfavorable for stability, while the hydrostatic case (S^ = S ') 

is the most favorable

Stress concentration graphs for elliptical openings are shown 

in Fig. 4.2, The perimeter stress distribution for ellipses have 

smaller tensile zones than those for rectangles with the same width to 

height ratio. This characteristic indicates that the size of the 

tensile zone above an opening can be reduced by using an arched roof. 

However, providing an arched roof in storage rooms would cause a 

considerable increase in construction costs due to the larger volume of 

rock excavated.

An alternative way to minimize tensile zones above a wide room 

is to replace a single opening with two narrower openings separated by 

a rib pillar, as shown in the layout of Fig. 2.2. Tension can be 

reduced by using this layout because the width of each opening forming 

half of a room is less than the minimum width (from Table 2.2) required 

for a room consisting of a single opening. However, the width of the 

rib pillar may be less than the width of the openings, and the perimeter 

stress analysis for single openings is not applicable. In addition, 

failure of the rib pillar (discussed in Section 3.2.3) must be prevented 

by further analysis and design.
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Fig. 4.2 Stress Concentrations on the Perimeters of Elliptical 
Openings.— from Obert and Duvall, 1967.
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4*2.2 Finite Element Models

Another way to apply the theory of elasticity to tunnel design 

is to determine the magnitude and distribution of stresses around the 

opening by the finite element method* The rock mass is modelled with a 

mesh consisting of quadrilateral and triangular elements9 and the stress 

in each element is calculated by numerical methods * The maximum stresses 

thus calculated can be compared to the rock strength to evaluate the 

stability of a self-supported opening * A number of different opening 

configurations may be evaluated* The magnitude and distribution of 

tensile and shear stresses in the elements around the opening(s) give 

an estimate of the rock zones that may fail under various applied 

boundary stresses*

A number of studies in the literature have revealed significant
*

characteristics on stress analysis by the finite element method. Results 

of these studies have been considered in finite element stress analyses 

of storage rooms.

Ewoldsen (1968) studied the effects of body forces (e.g., 

gravity) and free surface proximity (i.e., depth) on the stresses 

around a circular opening. The effect of body forces varies with the 

ratio of depth to opening radius. It was concluded that (1) the effect 

of body forces is significant for openings near the surface, where the 

total stress magnitude is small, and (2) the presence of the free surface 

has a significant effect on stress fields for depth to radius ratios of 

9 and lower.

Kulhawy (1975) studied the effects of a number of parameters, 

including material properties (Poisson's ratio and Young’s modulus).
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The effect of Poisson?s ratio was analyzed by examining the stresses 

around a circular opening under different stress fields for a range of 

Poisson’s ratio of 0.10 to 0.40. There were no significant changes 

in principal stresses in the area around the opening. Although the 

Poisson's ratio effects were found to be relatively small, Kulhawy 

(1974) recommends that for best results, finite element analysis should 

be conducted with representative values of Poisson’s ratio. In addition, 

the effect of nonlinear and stress-dependent Poisson's ratio and Young’s 

modulus were found to be insignificant with respect to principal 

stresses, but significant with respect to displacement.

Several additional principles must be considered in the design 

of an accurate finite element model for the rock surrounding an opening. 

Since strain is constant across a triangle, the number of triangular 

elements in the mesh should be kept to a minimum in order to minimize 

errors, especially in zones of high stress gradient. However, triangles 

must be used in order to limit the total number of elements to that 

which can be handled in a reasonable amount of computer time. According 

to Kulhawy (1974), a minimum of 125 to 150 elements should suffice for 

analysis of simple structures where only one half of the system needs 

to be analyzed. The outer dimensions of the mesh must be such that 

positions of the boundary loads do not significantly affect the distri

bution of stresses in the immediate vicinity of the opening. The bounda

ries of the finite element mesh should be at least three opening diame

ters away from the center of the opening to insure that the computed 

stresses and displacements are within 10% of theoretical solutions 

(Kulhawy, 1974).
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In this study, a modified version of the finite element program 

DESABEL (Desai and Abel, 1972) has been used to obtain design criteria 

for prevention of tensile and shear failure* Compressive failure is not 

considered because results of the perimeter stress analysis in Section 

4*2,1 indicate that compressive stress concentrations around rectangular 

openings at shallow depths are only likely to cause localized fracturing 

at corners, The magnitude and distributions of tensile and shear 

stresses reveal the effects of opening geometry and applied stresses 

on the stability of storage rooms*

A stability analysis of four hypothetical storage room configu

rations under various applied (field) stresses has been carried out,

The physical situations and corresponding finite element meshes for 

the four room configurations are illustrated in Figs * 4,3 through 4.6. 

Mesh dimensions were selected so that the distance between openings 

and mesh boundaries are at least three times the opening width. In all 

cases, the horizontal field stress was varied from 150 to 900 psi, and 

the vertical field stress was kept constant at 300 psi * These stress 

fields represent a range of cases which may occur at a depth of about 

300 ft. Rock mass properties for a generic granite (Poisson's ratio

0.18, Young’s modulus of rock mass 2*5 x 10^ psi, from Dames and Moore, 

1978) were used as material properties in all cases.

Results of the tensile stress analysis include (1) distribution 

of minimum principal stress for openings of four geometries under three 

stress fields, and (2) variation in size of the tensile zone with ratio 

of horizontal to vertical applied stresses (a^/a^).



! ! ~ ~ ! 

t ~ t t 1 t r 
-~ 

' : 
/ I 

/ 

----1 
_ _ _j 

Fig. 4.3 Physical Situation and Finite Element Mesh for a Storage 
Room Consisting of a Single 45 ft x 15 ft Opening 
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Fig. 4.4 Physical Situation and Finite Element Mesh for a Storage 
Room Consisting of a Single 60 ft x 15 ft Opening 
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Fig. 4.6 Physical Situation and Finite Element Mesh for a Storage
Room Consisting of a Double 35 ft x 15 ft Opening
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Distributions of minimum principal stress around openings are

illustrated as stress contour diagrams in Figs. 4*7 through 4,10. These

figures suggest the following design principles:

1. Tensile failures are most likely under low horizontal stresses,

since the size of the tensile zone increases as the ratio

a,/a decreases. h v
2 o Tensile failures would initiate at or near midspan.

3. The size of the tensile zone increases with the width of the 

openings(s).

4. High ratios of horizontal to vertical stress are best for 

preventing tensile failures around wide rectangular openings, 

since the minimum principal stress increases rapidly with 

distance from the opening.

Variations in size of tensile zones above openings under various

applied stress ratios (a^/a^) are illustrated in Figs. 4.11 through 4.14.

These figures have been used to obtain minimum a ^ / r a t i o s  required to
*prevent tensile failure, as summarized in Table 4.4. Just as the size 

of the tensile zone increases with opening width, the ratio o^/o^ 

required to prevent tensile failure also increases with opening width. 

Approximately the same applied stress ratio is required for the single 

45 ft wide opening and the double 35 ft wide openings„ A 10% reduction

In all storage room configurations, the development of tension 
in only one or two mesh elements is considered negligible. In the mesh 
for double openings, at least one element is in tension regardless of 
the stress field. The development of tension under hydrostatic and 
high horizontal stresses is probably due to numerical errors.



Fig* 4*7 Contours of Minimum Principal Stress for a Single 
45 ft x 15 ft Opening under Three Different 
Stress Fields
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Fig. 4

1

8 Contours of Minimum Principal Stress for a Single 
60 ft x 15 ft Opening under Three Different 
Stress Fields
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Fig, 4,9 Contours of Minimum Principal Stress for Double 
30 ft x 15 ft Opening under Three Different 
Stress Fields
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Fige 4.10 Contours of Minimum Principal Stress for Double 
35 ft x 15 ft Opening under Three Different 
Stress Fields
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45'X 15' RECTANGULAR TUNNEL
0 10 FEET

SCALE I-------1—1—i------ 1
0  3 METERS

cr, /o~ = 0 .5 8

cr /c r  = 0 .6 7

cr, / c r  = 0 .7 5

Fig. 4.11 Development of Tensile Zone Above a Single 45 ft x 15 ft
Opening under Various Stress Fields
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Fig. 4.12 Development of Tensile Zone Above a Single 60 ft x 15 ft
Opening under Various Stress Fields
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Fig. 4.13 Development of Tensile Zone Above a Double 30 ft x 15 ft
Opening under Various Stress Fields
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DOUBLE 35 'X  15' RECTANGULAR TUNNELS,  
RIB P ILLA R  20 '  WIDE

0  10 FEET
SCALE I---------r—•—i----- 1

0  3 METERS
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Fig. 4.14 Development of Tensile Zone Above a Double 35 ft x 15 ft 
Opening under Various Stress Fields



Table 4*4 Stress Fields Required to Prevent Tensile 
Failures from Finite Element Analysis of 
Hypothetical Storage Rooms

Minimum Value of Applied 
Room Configuration Stress Ratio a^/a^

Single 45 ft x 15 ft 0.75
tunnel
Single 60 ft x 15 ft 0.83
tunnel
Double 30 ft x 15 ft 0.67
tunnels, rib pillar 
30 ft wide
Double 35 ft x 15 ft 0.75
tunnels, rib pillar 
20 ft wide
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in a,/o of about 10% is sufficient to prevent tensile failure in the h v
double 30 ft wide openings» These results suggest that an in-room rib 

pillar should be at least as wide as one of the openings in order to 

effectively present tensile failures. A narrower rib pillar does not 

produce a smaller tensile zone above double openings in comparison with 

the tensile zone above single openings.

The results of the shear stress analysis include (1) distribu

tions of maximum shear stress for openings of our different geometries 

under three stress fields (2) magnitudes of maximum shear stress 

concentrations for the various openings and stress fields.

Distributions of maximum shear stress around openings are 

illustrated as stress contour diagrams in Figs. 4.15 through 4.18, These 

figures suggest the following design principles:

1. Shear failure are most likely under high horizontal stresses, 

since a high ratio produces a zone of high stress

concentration at each corner of the opening(s).

2. Shear failures would initiate at the corner of the openings(s).

3. Under low ratios of a,/a , the size of the stress concen-h v
trated zone increases with the width of the opening(s).

4. Under high ratios of o^/o^, the size of the stress concen

trated zone is virtually unaffected by the width of the 

opening(s).

5. For single openings, a hydrostatic stress field is best for

prevention of shear failure, since the size of the stress

concentrated zone is smallest where o.fo - 1.n v



Fig. 4.15 Contours of Maximum Shear Stress for a Single 
45 ft x 15 ft Opening under Three Different 
Stress Fields
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Fig. 4.16 Contours of Maximum Shear Stress for a Single 
60 ft x 15 ft Opening under Three Different 
Stress Fields
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Fig• 4.17 Contours of Maximum Shear Stress for Double 
30 ft x 15 ft Openings under Three Different 
Stress Fields

\
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Fig. 4.18 Contours of Maximum Shear Stress for Double 
35 ft x 15 ft Openings under Three Different 
Stress Fields
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6 o For double openings s a stress field with a low ratio of

horizontal to vertical stress appears to be more favorable 

than a hydrostatic stress field9 since the stress concen

trated zone is smaller for a,/a = 0.5 than for o./a = 1.h v h v

Magnitudes of maximum shear stress concentrations for each 

opening geometry under three applied stress ratios Ca^/av) are summa

rized in Table 4.5. For single openings9 the maximum stress concentra

tion is virtually unaffected by the openings width. For double openings 

under hydrostatic stress fields or low horizontal to vertical stress 

ratios9 the maximum stress concentration is significantly affected by 

the width of the pillar. (A 10 ft reduction in pillar width produces 

a 50% increase in maximum stress concentration.) These results suggest 

that in order to effectively prevent shear failure where the horizontal 

stress is less than or equal to the vertical stress9 a rib pillar must 

be at least as wide as one of the openings. A much lower shear stress 

concentration is produced around double openings separated by a wide 

pillar than around double openings separated by a narrow pillar.

4.3 Stability Analyses for Stratified Rock

4.3.1 Basic Beam Theory and Design Applications

In designing underground openings in sedimentary rock9 it is 

important to account for the effects of horizontal weakness planes formed 

by partings and bedding planes. The current design theory for continuous 

(unfractured) roofs models the rock beds as elastic beams or plates under 

gravity loading. The beam model is applicable to design of long
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Table 4.5 Maximum Shear Stress Concentration Factors from Finite 
Element Analysis of Hypothetical Storage Rooms

Room Configuration

Maximum Stress Concentration
Factor Tmax/av

clVo = 0.5 a./o = 1 o,/a = 3  h v h v h v

Single 45 ft 
tunnel

x 15 ft 1.50 1.50 2.80

Single 60 ft 
tunnel

x 15 ft 1.62 1.65 2.82

Double 30 ft 
tunnels, rib 
30 ft wide

x 15 ft 
pillar 1.20 1.27 2.65

Double 35 ft 
tunnels, rib 
20 ft wide

x 15 ft 
pillar 1.87 1.93 2.20
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openings such as the storage rooms of the proposed layouts5 where the 

length is greater than twice the width (Obert and Duvall, 1973)» The 

plate model should be used in the design of intersections (where storage 

rooms meet access tunnels).

The elastic beam theory can be used to determine the critical 

stresses in the immediate roof of an opening if the following conditions 

are satisfied (Obert and Duvall, 1967):

1. Each layer in the roof has a uniform thickness

2. Flexure of the beams' is caused by gravity loading due to the

weight of beams and overburden (i.e., there are no lateral 

stresses acting on the ends of the beams)^
23. The rock in each layer is linearly elastic, and homogeneous

4. The ends of the layers are rigidly clamped by the overlying
3rock.

1. If lateral stresses are present, they tend to improve the 
stability of a roof unless they are high enough to cause buckling of 
the beams (Obert and Duvall, 1973). A method for calculating stresses 
in laterally loaded beams is presented by Wright (1973).

2. The assumption of homogeneous layers of rock makes the beam 
theory inapplicable to roofs with fractured layers. However, in an 
opening with a length much greater than the width, vertical fractures 
perpendicular to the length of the tunnel do not cause significant 
increase in the roof stresses (Obert and Duvall, 1967).

3. The assumption of rigid clamping or fixed ends in the appli
cation of beam theory is not realistic when pillars are known to deform. 
Model tests by Roko (1981) show that the support mechanism for a roof 
beam may approximate either a fixed-end or elastically supported 
condition depending on the relative stiffnesses of the roof and pillars. 
An analysis by Adler (1961) showed that roof design for stratified rock 
often can be based on the fixed end assumption with only a small error 
and that the resulting design will be on the conservative side (Obert 
and Duvall, 1967). ^
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The development of stresses within each layer of a stratified 

roof is due to bending of the layer, as illustrated in Fig. 4.19. In 

the analysis of multiple layer roofs, beam interaction with respect to 

relative thicknesses (stiffnesses) of the layers must be considered.

These cases are illustrated in Fig. 4.20.

Where a thicker (stiffer) beam overlies a thinner (more flexible) 

beam, the beams can separate and act independently (Fig. 4.20A) . Since 

this detachment has effectively removed the load due to the upper beam, 

the lower beam is loaded only by its own weight. For this case, the 

maximum bending fiber stress (both tensile and compressive) and

shear stress t  are given by the following expressions:

amax 2t

Tmax 4

where y = unit weight of rock

L = length of beams (width openings)

t = thickness of the lowest beam (layer of rock).

These maximum stresses occur at the ends of a rigidly clamped beam.

Since rock is weaker in tension than in compression, the maximum bening

stress can be assumed to cause tensile failure in beam. The equations

above can be rearranged to give the following basic design equations for
*the maximum roof span L and a given factor of safety FS (Obert and 

Duvall, 1967 and Wright, 1973):

Obert and Duvall (1967 and 1973) have suggested that a safety 
factor of at least 4 should be used in desing applications of elastic 
beam and plate theory.
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C. Distribution of bending stresses in bottom of beam.

Fig. 4.19 Stresses and Displacements in a Beam under Distributed Load.—  
from Heuze and Goodman, 1971.
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PRE-MINING POST-MINING

t 3

A. t1 < t2 < t3
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T  ̂ 2

y  S,

61 = 62 = 53

Fig. A.20 Two Cases of Beam Interaction for a Three-Layer Roof.—  
after Adler and Sun, 1976.
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L =

where Rq = bending tensile strength (modulus of rupture) of rock

t = shear strength of rock o
The other variables are as defined previously.

For the case where thinner (more flexible) beams overlie a 

thicker (stiffer) beam, the load on the lower beam is increased by part 

of the weight of the overlying beams and all beam deflect equally 

(Fig. 4.20B). In this case, y in the above equations must be replaced 

by an adjusted unit weight y^, given by

=
V l  (V l  + V 2  + T3t3 + • • • + V n

8 + + V 3  + '' • + V n

where n = number of layer, increasing from bottom to top

= Young's modulus of n ^  layer

y^ = unit weight of nt 1̂ layer A

t = thickness of n ^  layer n
The number of layers that must be considered in the calculation of the 

adjusted unit weight must be determined by successively calculating y^ 

for an increasing number of overlying beams until a maximum value is 

obtained (Obert and Duvall, 1967). This formula gives conservative 

results because it tends to overestimate the load due to overlying beams, 

as it neglects the resistance to bending provided by frictional resis

tance along bedding planes (Wright, 1973).
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It must be emphasized that the presence of vertical discon

tinuities has a significant effect on the development of stresses in a 

roof beam system. If joints or tensile cracks strike parallel to the 

length of a tunnel or room, the beam theory is not applicable in the 

stability analysis. However, if joints strike across the width of an 

opening, the roof can be modelled as beams with lengths measured parallel 

to the joints (Wright, 1973), as shown in Fig, 4,21,

If stress measurements are available, they can be used in design 

applications of elastic beam theory, The effect of a vertical stress 

due to overburden on a roof beam can be included in bending stress and 

shear stress calculations by using the following equations:

2 y h L2 
a =  I k -  +  - 2 - 0 —max 2t 2t2

T + W
max 4 4t

where Y ^  is the overburden pressure on top of the beam and the other 

variables are as defined previously. Derivations of these equations are 

presented in Appendix B.5 and B.6,

Due to the effect of horizontal field stresses on stresses in 

beams, the above equations are conservative in cases where the major 

principal stress is vertical. Horizontal compressive stresses acting 

on the ends of a beam are added algebraically to the gravity induced 

bending stresses. The result is an increase in compressive bending 

stress and decrease in tensile bending stress. Thus, unless the hori

zontal field stresses are high enough to cause buckling, they have a 

stabilizing effect, Since horizontal stresses are usually unknown
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Room.
Spon

P illo r P illa r

C racks

Fig. 4.21 Suggested Measurement of Beam Length for 
Stability Evaluation of a Stratified Roof 
with Transverse Joints or Cracks.— from 
Wright, 1973.
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until there is access to the underground9 they should initially be 

assumed as zero for preliminary design purposes„

There are an infinite number of combinations of thicknesses and 

arrangements of beds in a limestone roof and it would be impossible to 

consider each case in generic design. However, if the immediate roof 

(which usually consists of several beds) is considered as a single beam, 

the maximum tensile and shear stresses for roofs of various thicknesses 

can be calculated.

Factors of safety against tensile and shear failure by bending 

of gravity-loaded, single-layer limestone roofs are given in Tables 

4.6 and 4.7. Calculations are presented in Appendices B.5 and B.6.

These results indicate that the immediate roof thickness of limestone 

required to prevent tensile fracturing is about twice the thickness 

required to prevent shear failure due to bending. Results are conserva

tive if there are additional roof beams overlying the single beam.

Results are nonconservative if the immediate roof consists of two or more 

beams that are thinner than the single beam. For any roof configuration, 

nonconservatism is introduced by the use of intact rock strengths, and 

conservatism is introduced by the assumption of zero horizontal stress. 

(However, if the horizontal stress exceeds the vertical stress, these 

results are definitely nonconservative and should not be used.)

More precise safety factors against tensile failure of a roof 

bending under vertical and horizontal loading may be estimated by the 

following procedure:

1. Measure the horizontal field stress in the cross-sectional 

plane of the opening



Table 4.6 Factors of Safety against Tensile Fracturing in Single-Layer Limestone Roofs, based
on Elastic Beam Theory

Factors of Safety calculated by FS = Ro/CTmax f°r range of rupture strength R0 = 1090 psi 
(average of values for Bethany Falls Limestones, from Haas, 1978a) to R0 = 2870 psi 
(average of values for Warsaw Limestone, from Haas, 1978a)
See Appendix B.5 for other calculations. _____________________________ ____________
Room Width Depth 
L (ft) h (ft)

Range of FS 
6

* for various 
8

Immediate Roof Thickness 
10 12

t (ft)
14

40 50 0.74-1.94 1.54-4.04 2.32-6.11 3.21-8.44 4.19-11.0
100 0.44-1.17 0.78-2.05 1.20-3.15 1.68-4.42 2.22-5.86
150 0.30-0.78 0.52-1.38 0.81-2.13 1.15-3.02 1.54-4.04
200 0.39-1.04 0.61-1.60 0.87-2.27 1.16-3.05
250 0.32-0.83 0.49-1.29 0.70-1.84 0.94-2.47

50 50 0.56-1.49 0.98-2.59 1.47-3.88 2.06-5.42 2.66-7.00
100 0.28-0.75 0.50-1.32 0.76-2.01 1.08-2.84 1.43-3.78
150 0.34-0.88 0.52-1.36 0.73-1.93 0.98-2.59
200 0.39-1.03 0.55-1.45 0.75-1.97
250 0.31-0.82 0.45-1.18 0.60-1.59

60 50 0.40-1.03 0.69-1.81 1.03-2,71 1.42-3.73 1.85-4.86
100 0.20-0.52 0.35-0.91 0.53-1.40 0.75-l;97 1.00-2.63
150 0.36-0.94 0.51-1.34 0.68-1.79
200 0.39-1.01 0.52-1.37

*
250 0.31-0.82 0.42-1.10

Values of FS < 1 do not necessarily imply instability due to the conservative assumptions 
in the calculation of maximum bending stress.



Table 4.7 Factors of Safety against Shear Failure in Single-Layer Limestone Roofs, based on
Elastic Beam Theory

Factors of Safety calculated by FS = c/Tmax for range of cohesion c = 1000 psi (estimated 
from failure envelope for Bethany Falls Limestone, Fig. C.l to c = 1500 psi (estimated 
from failure evelopes for Warsaw and Burlington-Keokuk Limestones, Figs C.2 and C.3).
See Appendix B.6 for other calculations.

Room Width 
L (ft)

Depths 
h (ft)

2

Range of FS* for various 
Immediate Roof Thicknesses 

4 6
t (ft) 

10

40 50 1.20-1.81 2.33-3.49 3.57-5.36 5.88-8.82
100 0.61-0.91 1.21-1.81 1.82-2.73 2.94-4.41
150 0.81-1.21 1.21-1.81 2.00-3.00
200 0.61-0.91 1.10-1.36 1.52-2.28
250 0.73-1.09 1.20-1.80

50 50 0.96-1.44 1.92-2.88 2.86-4.29 4.76-7.14
100 0.48-0.72 0.96-1,44 1.45-2.17 2.38-3.57
150 0.65-0.97 0.96-1.44 1.61-2.42
200 0.73-1.09 1.20-1.80
250 0.58-0.87 0.96-6.44

60 50 0.81-1.21 1.61-2.42 2.38-3.57 4.00-6.00
100 0.40-0.60 0.81-1.21 1.21-1.81 2.00-3.00
150 0.54-0.81 0.76-1.14 1.33-2.00
200 0.61-0.91 1.01-1.52
250 - 0.81-1.21

Values of FS <1 do not necessarily imply instability due to the conservative 
assumptions in the equations for maximum shear stress and factor safety
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2 o Subtract the measured horizontal compressive stress from the 

gravity-induced tensile stress (as calculated in Appendix B,5). 

to obtain the net tensile bending stress:

(amax) net = (amax) gravity " ah

3o Compare the bending tensile strength of the roof rock (as given

in Appendix C.3) with the net bending stress„

From this procedure, using 780 to 1070 psi (horizontal stress

measurements in limestone from Hooker and Johnson, 1969), it appears that

bending failures are possible in lower strength limestone roofs (i.e.,

with bending strengths less than about 600 psi) at depth greater than 100

to 150 ft for 40 ft wide openings. Bending failures are more likely to

occur in roofs under lower horizontal stresses. The horizontal stress

magnitudes used here were obtained from a single stress measurement,

which may not be representative of other sites.

In addition to maximum stresses, another criterion that provides

an indication of roof stability is the deflection or sag of the lowest

beam. The maximu deflection 6 occurs at midspan and is given bymax
the following equation (Obert and Duvall, 1973):

6max = - —  I, +
32Et 32Et

where y (or y ), L, t, and p are as defined above, and E is the Young’s a
modulus of the rock. A stability evaluation based on deflections would 

involve comparison of calculated values with deflections measured during 

in situ convergence monitoring.
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The most significant limitations in the use of the basic beam 

method for determination of a maximum design span are due to the 

following conditions:

I® Several factors (including those mentioned in the next section) 

which affect the stability of a roof are not included»

2e Calculations of safety factors are based on intact rock tensile

(rupture) strengths rather than on rock mass properties, and

thus are subject to a relatively high degree of uncertainty,

4e3o2 Numerical Model for Multiple Beam Systems

The program BEAMS, developed by Jeffrey (1981), shows great 

potential as a design tool for a roof consisting of multiple elastic 

beams» The program facilitates stress and deflection calculations and 

includes the effects of the following parameters:

lo thicknesses and arrangement of beams

2. tensile strength (adhesion) across beam interface

3o cohesion along beam interface

4o frictional resistance along beam interfaces

5 o deflection at ends of beams due to non-rigid clamping

Output includes the bending stresses, deflections, and interaction loads 

at any desired position along the length of each beam in the system. 

These provide indications of roof stability.

BEAMS can be used in two different ways:

1. to determine stresses and deflections in a beam system

with known parameters
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2o to perform a sensitivity analysis for a beam system with un

known parameters *

By using successive runs of the program to iterate on a maximum 

allowable bending stress, the maximum unsupported design span may be 

estimated for a given rock mass o Maximum bending stresses and corre

sponding safety factors may be calculated by running the program for the 

ends of the lowest beam. Deflections at midspan may provide indications 

of roof stability when compared to actual convergence measurements, 

Interaction loads of zero indicate bed separations or identical deflec

tions of beams of equal stiffness.

Some parameters (including the adhesion, cohesion, and friction 

angle of the bedding planes) are unknown until there is access under

ground for sampling and testing. Most bedding planes at existing mines 

are smooth, unaltered, planar, and consistent, but bedding planes in 

some locations are clayfilled, wavy, stylolitic or intermittent. 

Therefore, the mechanical properties of bedding planes are quite vari

able, Where bedding planes properties are unknown, BEAMS can be used 

to perform a sensitivity analysis in preliminary design work. Bending 

stresses, deflections, and interaction loads can be calculated by 

running BEAMS with various combinations of assumed bedding plane proper

ties (adhesion, cohesion, and friction angle).

Stylolites are irregular interlocking projections in limestone 
beds formed by solution of limestone along a bedding plane (Lamar, 1967), 
and occur in the Burlington Formation at Quincy, Illinois (Keller, 1979)* 
Intermittent bedding planes tend to feather in -nd out of the limestone 
of the High Bridge Group near Maysville, Kentucky (Freas, 1977)•
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To illustrate the effects of beam thicknesses9 beam arrangement,

and interface adhesion on bending stresses and deflections, the program

was fun for the midspan position in each of multiple beam systems shown

in FigSo 4*22 and 4.23. Results are given in Table 4.8 and indicate the
&following characteristics of stratified roof behavior :

1. Bending stresses and deflections are minimized where there 

is one or more thick beds immediately above the opening.

2. Where the immediate roof consists of a series of thin beds, _ 

bending stresses and deflections are not significantly reduced 

by the presence of a thick bed above the immediate roof.

3. Where the immediate roof contains at least one thick bed, the

interface adhesion has little effect on bending stresses and

deflections.

4. Where the immediate roof consists of a series of thin beds, an

interface adhesion which prevents bed separations causes

significant reduction in bending stresses and deflections.

To study the effects of bedding plane frictional properties 

(cohesion c and friction angle <j)), sensitivity analyses were performed 

for the beam systems shown in Fig. 4.23.

Results for the system with two thick beams at the bottom (Case 

4, Fig. 4.23) are shown graphically in Fig. 4.24. No separations occur 

and results ;are independent of interface adhesion. Due to the fact that

In these observations, thick beds are equivalent to beds with 
high Young’s moduli, and thin beds are equivalent to beds with low 
Young’s moduli. For simplicity, the Young’s moduli of all beams were 
assumed equal.
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Fig. 4.22 Beam Arrangements for Cases 1 and 2 analyzed by the Program 
BEAMS.— Separation occurs in both cases when there is no 
interface adhesion and no friction.
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Fig. 4.23 Beam Arrangements for Cases 3 and 4 analyzed by the Program 
BEAMS.— Separation occurs in case 3 when there is no inter
face adhesion and no friction. No separations occur in Case 4.
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Table 4»8 Maximum Bending Stresses and Deflections at Midspan of Bottom 
Beam for Beam Systems shown in Figs, 4.4 and 4.5, with 
Cohesionless and Frictionless Interfaces

* *Case Adhesion Bending Deflection
(psi) . stress(psi) (in)

1A 0 779 2.92
IB 9.1 216 0.81
2A 0 750 2.81
2B 8.8 199 0.75
3A 0 692 0.87
3B 2.0 581 0.73
4A 0 543 0.68
4B 0 543 0.68

In cases "A", an interface adhesion of zero was used, so that beams 
were free to separate. In cases "B", high interface adhesion were 
used, so that beams could not separate. Values listed for cases "B 
are adhesions required to prevent beam separation.
Parameters used in all cases listed above:

Span of beams: L = 50 ft ^
Young's modulus of beams: E = 1 x 10 psi
Unit of weight of beams: y = 0.1 lb/in^
Interface cohesion: c = 0
Interface friction angle: <j> = 0
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c= 0  
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•  F ina l values of c 8  <£ on all interfaces are the same as input values 

o Input values of c 8  <£ on some in terfaces are replaced by zero

Fig. 4.24 Midspan Deflection vs. Interface Friction Angle for Case 4 
(Fig. 4.23): Results of a Sensitivity Analysis for a Roof 
System with Two Thick Beams at the Bottom
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beams do not separate and tensile interaction forces do not develop in 

this case (except for high cohesion and friction values)9 the relation

ships between frictional properties and deflection are fairly simple.

Most of the results for this case appear to be realistic5 as increases 

in frictional resistance cause decrease in deflection. However9 when 

the highest values of c and <j> were used as input parameters, the internal 

workings of the program caused unrealistic results„ Excessive resistance 

to sliding on interfaces caused a stiffening of some beams and a ten

dency for separation of beams before the final solution was found. 

Cohesion and friction angles for these interfaces were artificially 

assigned values of zero in order to prevent numerical instability and 

to maintain consistency with the physical definition of friction forces. 

(Frictional resistance cannot exist on interfaces in tension.) Thus, 

in this system, where c is greater than 3 psi and cp is greater than 30°, 

increasing the input values of c and/or (p resulted in an overall decrease 

in frictional resistance of the entire beam system, causing increased 

deflections.

Results for the system with one thick beam at the bottom (Case 3, 

Fig. 4.23 are shown graphically in Fig. 4.25. If the interfaces have no 

adhesion or frictional resistance, a separation occurs. Relationships 

between frictional properties and deflection are more complex in this 

case than in the previous case due to the added effects of beam separa

tions and tensile interaction stresses. For some cases with c greater 

than 1 psi and (p greater than zero, excessive resistance tc sliding 

caused a stiffening of some beams and development of tensile interaction 

stresses across some interfaces. These results indicate that the
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Fig. 4.25 Midspan Deflection vs. Interface Friction Angle for Case 3 
(Fig. 4.23): Results of a Sensitivity Analysis for a Roof
System with One Thick Beam at the Bottom.
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parameter relationships in a multiple beam system can be complex, and 

that detailed analysis is required to establish the validity of output 

deflections and stresses.

4*3.3 Application of Plate Theory to Design of Intersections

The elastic plate model can be used to determine the bending 

stresses, shear stresses, and deflections of the roof above an inter

section of two openings. The beam model is not applicable since the 

roof slab above an intersection is assumed to be fixed at its corners 

rather than at its ends. The finite difference method has been applied 

to stress analysis for elastic plates by Wright et al. (1964).

A simplified method for estimating bending stresses, based on 

the work of Wright et al. (1964), is presented by Wright (1973), The 

simplified method does not account for all parameters affecting bending 

moments (and stresses) at intersections, but the calculated moments 

are probably accurate to within 30% (subject to estimates of distributed 

load and the conditions of elastic plate theory) (Wright, 1973). This 

method involves the following procedure:

1. Calculate the maximum negative bending moment (for tensile 

bending stress) and/or maximum positive bending moment (for 

compressive bending stress) for a uniformly loaded, fixed-end 

beam with a span equal to the length of the slab of interest.

2. Calculate a pillar factor to adjust the maximum bending moments 

for the effects of slab and pillar stiffness and distance 

between pillars.
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3o Determine a multiplication factor corresponding to (a) the

previously determined pillar factor9 and (b) the pillar layout 

of interest (i.e., either regular or staggered pillars).

4. Determine a multiplication factor corresponding to (a) the 

ratio of room span to center-to-center distance between pillars9 

and (b) the pillar layout of interest.

5. Determine a multiplication factor corresponding to (a) the 

ratio of crosscut span to room span, and (b) the pillar layout 

of interest.

6. Calculate the maximum negative bending moment (occurring in 

the corners of the slab) and/or the maximum positive bending 

moment (occurring in the center of the slab) by finding the 

product of the pillar factor, the three multiplication factors, 

and the maximum bending moment for a fixed-end beam.

Factors of safety against tensile fracturing in roof slabs above 

intersections based on this procedure are given in Table 4.9. Bending 

stress calculations are based on the dimensions listed in the table and 

illustrated in Fig. 4.26. Calculations and graphs are presented in 

Appendix B.7.

A comparison of Tables 4.6 and 4.9 indicates that, for the 

proposed layouts, the safety factors and corresponding roof thicknesses 

for storage rooms are approximately equal to the safety factors and roof 

thicknesses for intersections.

As in bending stress calculations based on beam theory, the 

use of the elastic plate model is based on the assumption of a continuous



Table 4.9 Factors of Safety against Tensile Fracturing in Single-Layer Limestone Roofs
above Intersections, based on Elastic Plate Theory and Wright's (1973) Methods.

Factors of Safety calculated by FS = R0/amax for tange of rupture strength
R0 = 1090 psi (averagexof values for Bethany Falls Limestones from Haas, 1977a) to
R0 = 2870 psi (average of values for Warsaw Limestone, from Haas, 1978a)
See Appendix B.7 for other calculations
Room Type,
Room Width L, 
and Plate Width A

Depth 
h (ft)

*
Range of FS 

6

for various 

8

Immediate

10

Roof Thicknesses 

12

t (ft) 

14

Single tunnel 50 0.8-2.2 1.6—4.1 2.8-7.2 3.7-9.6 5.5-14
L=40 ft. 100 0.4-1.1 0.7-1.9 1.2-3.2 1.8-4.8 2.8-7.2
A=100 ft or 150 0.3-0.7 0.5-1.3 0.8-2.1 1.2-3.2 1.3-4,3
Double tunnel 200 0.4—1.0 0.6-1.6 0.9—2.4 1.2-3.2
L-40 ft, 250 0.5-1.2 0.7—1.9 1.0—2.6
Single tunnel 50 0.6-1.5 1.1-2.9 1,8-4.8 2.8-7.2 3.7-9.6
L=50 ft. 100 0.3-0.7 0.5-1,4 0.8-2.2 1.2-3.2 1.8-4.8
A=125 ft or 150 0.4-0.9 0.6-1.5 0.8-2.2 1.2-3.2
Double tunnel 200 0.4-1.1 0.6-1.7 0.9-2.4
L=50 ft, 250 0.3-0.9 0.5-1.4 0.7-1.9
A=70 ft
Single tunnel 50 6.4-1.0 0.7-1.9 1.2-3.2 1.8-4.8 2.7-7.2
L=60 ft 100 0.4-1.0 0.6-1.5 0.9-2.4 1.2-3.2
A=150 ft 150 0.4-1.0 0.6-1.6 0.8—2.2

200 0.5-1.2 0.6-1.7
250 0.4-1.0 0.5-1.3

*
Values of FS < 1 do not necessarily imply instability due to the conservative assumptions 
in the calculation of maximum bending moments for fixed-end beams.
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0 50  100
 1 i I----- 1

Fig. 4.26 Layouts and Dimensions used in Calculations of FEET 
Safety Factors against Tensile Fracturing in Roof 
Slabs above Intersections.



roof layero The actual failure mechanism is subject to the effects of 

pre-existing joints„ Tensile failures of the roof above an inter

section may devleop after displacement along vertical joints, as shown 

in Figo 4<>27* In addition, preferred displacements and stress redistri

butions may develop in jointed pillar corners at intersections* The 

formation of potentially unstable rock blocks in both roof and pillars 

can be prevented by locating intersections away from major joints or by 

rock bolting on a local basis*
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NATURAL
JOINTS

STORAGE ROOM

TENSILE FRACTURES 
INDUCED BY 
EXCAVATION

ACCESS TUNNEL

Fig. 4.27 Development of Tensile Fractures in a Roof above an Inter
section due to Displacement along Vertical Joints.



CHAPTER 5

ROCK MASS CLASSIFICATION

5.1 General Description and Objectives

Due to the many simplifications, assumptions, and difficulties

involved in theoretical approaches (e.g., applications of elastic 
*theory), the design of underground excavations should also involve 

an empirical approach (Bieniawski, 1979b; McCusker, 1980) . Empirical 

methods involve prediction of support requirements based on experience, 

judgment, observation, and measurement (Rutledge, 1977). A number of 

rock mass classification systems have been developed to systematically 

apply the knowledge accumulated by tunnel engineers. The value of 

rock mass classification as a design tool is point out be Deere etal. 

(1969):

The experienced engineer who really understands geologic 
material, can apply the principles of geotechnics without 
a formal classification. Unfortunately, experienced tunnel 
engineers are few, and inexperienced engineers are often 
given large responsibilities. . . The classifications serve 
to point out important parameters and problems and constitute 
effective means of communication.

Early classification systems (including those by Terzaghi, 1946; 

Lauffer, 1958; Deere et al., 1969; and Wickham et al., 1972, 1974) are 

reviewed by Rutledge (1977), Bieniawski (1979b), Einstein et al. (1979),

According to Bieniawski (1979b), the analytical.approach is the 
least used in current practice because of the complex nature of rock 
masses and the difficulties in obtaining the necessary data.

, 188



189

and McCusker (1980). Deficiencies of the early methods include the 

following characteristics:

le The descriptions of rock conditions in Terzaghi's method are

qualitative and the method tends to be sujective (Rutledge9 

1977, McCusker, 1980),

2. Terzaghi’s method is appropriate for designing steel set 

supported tunnels, but it is not as suitable for modern support 

systems using shotcrete and rockbqlts (Bieniawski, 1979b).

3. Terzaghi’s method requires information that can only be obtained 

as excavation progresses (McCusker, 1980).

4. Both parameters (stand-up time and span) in Lauffer’s system 

are difficult to determine and rely on experience (Rutledge, 

1977; Bieniawski, 1979b).

5. The RQD by Deere disregards a number of important joint charac

teristics and therefore does not provide an adequate description 

of the rock masses (Bieniawski, 1979b).

6. The descriptions of rock conditions in the system by Wickham 

et al. are somewhat quantitative (Rutledge, 1977; Bieniawski, 

1979b).

7. The system by Wickham et al. is useful for designing steel set 

supported tunnels, but it is subject to a deficiency of reliable 

data in selection of shotcrete and rockbolts support 

Bieniawski, 1979b).



The classification systems developed by Barton, Lien, and 

Lunde (1974) and by Bieniawski (1974, 1976, and 1979a) are especially 

valuable because they place numerical ratings on rock mass character

istics which had formerly been described only qualitatively <> These 

two systems provide (1) guidelines for data collection during preliminary 

site ' investigations, (2) a method for preliminary evaluations of rock 

mass stability during site selection, and (3) an empirical approach for 

estimation of allowable room spans during preliminary design.,

5o2 The Q-System by Barton, Lien, and Lunde 

The Q-system by Barton, Lien, and Lunde (1974) requires the 

following data:

1. drill core quality, RQD

2. number of joint sets (J )

3. roughness of weakest joints (Ĵ )

4« degree of alteration of joints (J )

5. water pressure in joints (J )

6. stress reduction factor (SRI’) in competent rock, determined

from the ratio of rock strength to maximum field stress.

These parameters can be obtained initially from core logging or surface 

observations and should be checked during excavation (Barton et alo ,

1975) . The rock mass quality Q is a function of these six parameters 

and is defined as



RQD is defined as the percentage of core recovered, considering pieces 

at least 4 inches long (Deere et al., 1967). Alternatively, RQD in 

clay-free rock masses can be calculated by Palmstrom?s (1975) formula 

(Barton et al., 1975):

RQD = 115 - 3.3 Jv

where = number of joints per cu m of rock. Values for Ĵ , Ĵ , Ĵ ,

J and SRF are listed in the publications by Barton et al (1974; 1975) w
and Barton (1978).

The maximum unsupported span according to the Q-System is given 

by the following equation:

SPAN = 2 ESR Q0,4

where

SPAN = width of opening in meters excavation 

support ratio,

ESR = a factor indicating the degree of 

conservatism required 

Q = rock mass quality 

The relationship between SPAN and Q is shown graphically in Fig. 5.1.

The equation can be rearranged to give the required rock mass quality 

for a given design span:

Q = (SPAN/3 ESR)2*5

Values of ESR listed by Barton et al. (1974; 1975) range from

0.8 for the most conservative design (used for underground nuclear 

power plants and public facilities) to 5 for the least conservative 

design (used for temporary mine openings). A complete list of ESR
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Fig. 5.1 Unsupported Span as a Function of the Rock Mass Quality for
Self-Supported Openings.— from Barton, 1978.— Circles represent 
man-made unsupported excavations reported in the literature. 
Squares represent some natural openings from Carlsbad, New 
Mexico. The curved envelope is an estimate of maximum design 
span for permanently unsupported man-made openings.
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values is given in Table 5.1. For storage rooms, an ESR value of 1.3 

is recommended by Barton et al. but this value should be decreased for 

more conservatively designed storage/disposal facilities. The rela

tionship between SPAN Q, and ESR is shown graphically in Fig. 5.2.

Minimum Q values from the equation above provide one set of 

siting criteria for self-supported excavations with given spans, as 

listed in Table 5.2. The Q values listed lie within the four highest 

rock classes (good through exceptionally good) of the nine total classes 

given by Barton et al. (1974, 1975).

Use of the Q-System for siting and designing self-supported 

mined caverns is recommended for the following reasons i

1. It has been applied successfully in several underground 

projects in Scandinavia, where final in situ support estimates 

compared well with predicted estimates (Barton, 1978).

2. It is based on an analysis of 200 case records (from excavations 

in Europe and the U.S.) of which 30 cases were permanently 

unsupported openings (Barton, 1978).

3. It contains a clearly defined set of guidelines for permanently 

unsupported excavations.

Barton’s requirements for permanently self-supported excavations 

provide a second set of siting criteria. These requirements are listed 

in Table 5.3.

The values of SRF liste in Table 5.3 correspond to ranges of 

compressive strength to maximum field stress ratio (a^Za^) and ranges 

of tensile strength to maximum field stress ratio (a^/a^), and provide



Table 5.1 ESR Values for Applying the Q-System to Various Types of Underground 
Excavations (from Barton et al., 1974)

Type of Excavation ESR
Number of 
Cases

A. Temporary mine openings ca. 3-5 ? 2

B. Permanent mine openings, water tunnels for hydro 
power (exclude high pressure penstocks), pilot 
tunnels, drifts and headings for large excava
tions, etc. 1.5 83

C. Storage rooms, watertreatment plants, minor road 
and railway tunnels, surge chambers, access 
tunnels, etc. (hemispherical caverns) 1.3 25

D. Power houses, major road and railway tunnels, civil 
defense chambers, portals, intersections, etc. 1.0 79

E. Underground nuclear power stations, sports and 
public facilities, factories, etc. 0.8 2

194
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Fig. 5.2 Relationship of ESR to SPAN and Q.— from Barton, 1978.— The 
lowest value of ESR (0.8) corresponds to conservatively 
designed excavations. The curved envelope is an estimate of 
maximum design span for permanently unsupported man-made 
openings.
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Table 5.2 Required Rock Quality for Selected Design Spans, according 
to the Q-System

^Minimum Rock Quality Q ^  
(ft) (m) ESR = 0.8 ESR = 1.3

30 9.2 79
(very good rock)

24
(good rock)

40 12 161
(extremely good rock)

46
(very good rock)

50 15 283
(extremely good rock)

80
(very good rock)

60 18 442
(exceptionally good rock)

126
(extremely good rock)

70 21 624
(exceptionally good rock)

185
(extremely good rock)

75 23 775+
(exceptionally good rock)

223
(extremely good rock)

Value of ESR for excavations designed with the highest degree of 
conservatism (e.g., underground nuclear power plants and public 
facilities)

Value of ESR for less conservatively designed excavations (e.g., 
storage rooms, access tunnels, and minor road and railway tunnels)

Roughly corresponds to maximum Q value in the study of case histories 
(Barton et al., 1974) upon which the Q-System is based.



Table 5 „ 3 Requirements for Self-Supported Underground Excavations
According to Barton’s Q-System of Rock Mass Classification 
(modified from Barton9 1978)

j J SRF
General Requirements n a

(< 3 joint sets)

J > 1.0r - (joints not both slickensided and planar)

J < 1.0a - (joints with no alteration or surface stains only)

J = 1.0 (dry excavation)w
SRF <2.5 (in competent rock, a /a > 5 and o la > 0.33 — G i — t —
where = unconfined compressive strength

a = point load tensile strength
o^ = major principal stress)

Conditional Requirements

If ROD < 40: J < 2  — n
(For RQD < 40, there must be no joint sets and few random joints) »
If J = 9: J > 1.5 and RQD > 90n r - -
(If there are three joint sets, they must not be either smooth
and planar or slickensided and planar).
If J = 1: J < 4r n
(For smooth and planar joints, there must be only one joint set 
plus random joints at most.)
If SRF > 1, J > -1.5 r —
(In competent rock with an unfavorable stress to strength ratio
i.e., with a /a., less than 10 and greater than 300 and a^/a less 
than 0.66 an§ greater than 13, the joints must not be smooth and 
planar or slickensided and planar.) ,
If SPAN > 10 m, J < 9  n
(For a span > 10 m, there must be only two joints sets plus random joints 
at most.)
If SPAN > 20 m, J < 4  and SRF < 1 n -
(For a span > 20m, there must be only two joint sets at most and medium 
stress.) ______________________ ___
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a third set of siting criteria» Ranges of values for these ratios are 

listed by Barton et al (1974) and Barton (1975)„ Where the maximum 

field stress is known or assumed9 the tensile and compressive strengths 

required for permanently self-supported excavations can be calculated. 

Rock strength criteria obtained by this procedure for various stress 

conditions are listed in Table 5.4. These calculations indicate that 

for excavations at depths less than about 900 ft, the highest rock 

strengths are required under medium stress conditions.

5.3 The Geomechanics System by Bieniawski

Bieniawski?s Geomechanics Systems requires the following data:

1. strength of intact rock (point load index or uniaxial compres

sive strength)

2. drill core quality RQD

3. spacing of joints

4. condition of joints (roughness and separation)

5. groundwater conditions (rate of inflow or ratio of water 

pressure to major principal stress)

6. orientation of joints

These parameters can be obtained from examination of each structural 

region along a tunnel core (Bieniawski, 1974) or from core logging 

(Bieniawski, 1979a).

The classification process consists of a cumulative rating 

system, where ratings from each of the six categories are added up to 

give a rock mass rating (RMR). The RMR is then used to place the rock 

mass in one of five classes. Bieniawski has assigned each class an
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Table 5.4 Required Rock Strengths Under Various Stress Conditions, 
according to Barton’s SRF for Permanently Self-Supported 
Excavations

Stress Condition and 
Maximum Principal 
Stress^ SRF2

Strength/Stress
V ”!

Required Rock 
Ratios2 Strengths(psi)

ac CTt

Low stress, near surface 
= 50 psi

2.5 >200 > 13
>10,000 > 650

= 100 psi >20,000 > 1300

Medium stress 1.0 10-200 0.66-13
= 200 psi 2000-

40,000
130-
2600

= 300 psi 3000-
60,000

200-
2600

High stress,
very tight structure

0.5-2 5-10 0.33-0. 66

= 400 psi 2000-
4000

130- . 
260

= 900 psi 4500-
9000

300- ' 
600

1. Stress conditions are from Barton et al. (1974). Values of o are 
assumed.

2. Values are from Barton et al. (1974).
3. ac = uniaxial compressive strength, ô_ = point load tensile strength.
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unsupported span and stand-up time. Spans and stand-up times, as well 

as parameter ratings, are different for each of the three (1974, 1976, 

and 1979) versions of the Geomechanics System, The relationship between 

unsupported span, stand-up time, and rock class for the most recent 

version is shown graphically in Fig, 5,3,

In Bieniawski’s 1974 and 1976 verisons of the Geomechanics 

Systems, a conservative approach is taken. The best rock class allows 

an estimated unsupported span of only 5 m (16,4 ft) for an average 

stand-up time of only ten years, both of which are inadequate (and 

probably overconservative) estimates for this application. However, 

it must be emphasized that the Geomechanics System is inherently 

conservative when applied to rock masses having less than three joint 

sets (Bienawski, 1976),

BieniawskiYs (1976) instructions for applying the Geomechanics 

System state that the worst rather than the average conditions should 

be evaluated for the parameter ratings. In addition, Bieniawski’s 1979 

version of the Geomechanics System is less conservative than the earlier 

versions. Most significantly, the maximum unsupported span and/or stand- 

up time for each rock class have been increased. The best rock class in 

the new version has an unsupported span of 15 m (49 ft) for an average 

stand-up time of 10 years. In addition, Bieniawski’s (1979a) instruc

tions for the most recent version state that the average conditions 

should be evaluated for the parameter ratings,
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5,4 Field Applications

5,4,1 Granites and Tuffs of Central and Southeastern Arizona

The two classification systems have been applied to a number 

of granitic and tuffaceous rock masses in central and southeastern 

Arizona in order to (1) determine whether rock masses of the required 

quality are widespread or rare, and (2) provide a basis for comparison 

of unsupported spans predicted by the two systems in plutonic rocks and 

in tuffs. Sites were chosen for study on the basis of these two selected 

rock types and absence of excessively weathered exposures, All sites 

studied are either natural outcrops or man-made exposures (e,g,, read

outs) , Classifications based on surface observations are expected to be 

conservative compared to those that would be obtained at depth,

Weathering and rock damage due to excavation can be expected to lower 

the quality of a rock mass, especially by lowering the RQD,

In applying the Q-System, the following procedure was used:

1, RQD was estimated as the percentage of rock fragments at least 

4 inches in length along a vertical scanline on the thickest 

fresh exposure of the subject formation at each site ,

2, The number of joints sets was determined by considering areas

roughly equivalent to the minimum cross-sectional area for a
&

storage room opening (about 30 ft x 15 ft) in exposures of

________ different orientations (wherever possible).
*RQD determinations by core logging and by logging along lines in 

tunnel walls in granite were found by Deere et al. (1967) to give similar 
results» However, the RQD from line logging depends on the orientation 
of joint systems with respect to the wall. (The RQD was higher when 
measured on walls parallel to the predominant joint system than when 
measure perpendicular to the predominant joint system,)



3o The joint roughness number was determined by observing and 

feeling exposed surfaces of all joints, and using the lowest 

(worst) value from all joints to represent the rock mass.

4. The joint alteration number corresponding to unaltered joint 

walls was used in all cases, as no significant alterations were 

noted in any of the rock masses studied.

5. The joint water number corresponding to dry excavations was 

assumed for all sites.

6. A range of stress reduction factors corresponding to high field 

stresses (and including the value for medium stress) was 

assumed for all sites, as no stress measurements were made.

7. ESR values for the least and greatest recommended degrees of 

conservatism were used for all sites.

In applying the Geomechanics System, the following procedure 

was used:

1. RQD was estimated as the percentage of rock fragments at least .

4 inches in length along a vertical scanline on the thickest 

fresh exposure of the subject formation at each site.

2. The uniaxial compressive strengths were determined by testing

2 in diameter cores in the rock mechanics laboratory. (Strength 

properties of granites and tuffs are listed in Appendices C.l 

and C.2.)

3. The rating for spacing of joints was determined by taking the 

average of the ratings corresponding to the average spacing 

of each joint set.
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4e The rating for condition of joints was determined by examina- 

' tion of joints and selection of Bieniawskivs category corre

sponding to the average conditions observed„ (Since very few 

rock masses had actual joint conditions corresponding exactly 

to Bieniawski?s parameter descriptions, the joint conditions 

rating corresponding roughly to average conditions was 

selected. This rating was the same for all sites.)

5. The groundwater rating corresponding to dry excavations was 

assumed for all sites.

6. A range of adjustments for joint orientations corresponding 

to unfavorable to favorable conditions was assumed, because 

the actual tunnel alignments would be based on more detailed 

analysis.

7. Approximate stand-up times and spans were read from Fig. 5.3.

Results of the rock mass classification survey are listed in 

Table 5.5. Conditions used in calculation of Q and RMR for all sites 

are listed at the bottom of the table. Data for the two systems is 

given in Appendices D.l and D.2.

According to the Q-System, nine of the sixteen sites listed 

satisfied the criteria for permanently self-supported excavations.

When a very conservative ESR value (0.8) and the assumption of favor

able stress field are used, only five of the rock-masses (all tuffs) 

allow an estimated design span of at least 9 m (30 ft). However, when 

a less conservative ESR value (1.3, corresponding to storage caverns) 

is used, nine rock masses allow permanently unsupported spans of at



Table 5.5 Classification of Arizona Granites and Tuffs

Q-System̂ -
Rock Type Stand-up Span (m)
and Location Time ESR = 0.8 ESR =1.3

Granites
2 mi E Bagdad < 50 yr 3.0-5.2 4.8-8.4

Patagonia Mts.»
3-5 mi W Dusquesne < 50 yr 3.3-5.7 5.3-9.3

Dragoon Mts.,
Cochise Stronghold < 50 yr 2.8-4.9 4.5-7.9

Payson < 50 yr 3.3-5.8 5.4-9.4

Texas Canyon,
N Dragoon > 50 yr 4.2-7.3 6=8-12

6-8 mi W Miami < 50 yr 3.7-6.5 6.1-10.5

Bradshaw Mts.,
2 mi NE Crown King < 50 yr 3=7-6.5 6.1-10.5

Welded Tuffs 
Tumacacori Mts.,
1 mi E Ruby < 50 yr 4.3-7.5 ' 7.0-12

Queen Creek Tunnel,
1 mi E Superior < 50 yr 2.7-4.7 4.4-7.7

2Geomechanics System 
Stand-up Span (m)
Time

6 mo

3 mo

6 mo 

3 mo

8 mo 

3 mo

8 mo

3 mo 

8 mo

7.5 

7

7.5

7

8
7

8

6

8
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Table 5<,5— Continued

Rock Type 
and Location

Stand-up 
Time ̂

Q-System"*"
Span 

ESR = 0,8
(m)
ESR = 1.3

3Geomechanics System 
Stand-up Span (m)
. Time

5 mi E Superior < 50 yr 3.0-5.3 4.0-8.6 8 mo 8

7 mi E Superior > 50 yr 4,3-7.5 7.0-12 3 mo 6

Peloncillo Mts.,
35 mi NE Douglas > 50 yr 5.7-9.9 9.3-16 3 mo 7

Non-welded Tuffs
Kirkland > 50 yr 5.7-9.9 9.3-16 3 mo 6

Saguaro Lake
10 mi N Apache Jet, > 50 yr 5.7-9.9 9.3-16 4 mo 7

Slightly welded tuffs
Pena Blanca Lake,
NW Nogales > 50 yr 5.8-10 9.4-16 6 mo 7.5

Superstition Mts,,
5 mi E Tortilla Flat > 50 yr 6.8-12 11-19 6 mo 7.5
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Table 5.5— Continued

1. Parameters used in classifying all granites and tuffs by the Q-System:
Ja = 1.0 (unaltered joint walls); Jw = 1 (dry excavation);
SRF = 0.5 to 2 (high stress, 5 < a^/a^ < 10 and 0.33 < at/fT̂  < 0.66).
Other data is listed in Appendix D?l.

2. Stand-up time according to the Q-System is based on Barton’s (1978) requirements for 
permanently self-supported excavations. Rock mass satisfying these requirements 
have stand-up times of at least 50 years.

3. Parameters used in classifying all granites and tuffs by the Geomechanics System:
Rating for condition of discontinuities = 25 (slightly rough surfaces, separation < 1 mm,
slightly weathered); groundwater rating = 10 (dry excavation); adjustment for joint
orientation = -10 to -2 (unfavorable to favorable). Other data is listed in Appendix D.2.
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least 30 ft under favorable stress fields» Only five of these rock 

masses (all tuffs) allow permanently unsupported spans of at least 30 ft 

under unfavorable stress»

According to the Geomechanics System* none of the rock masses 

allow a self-supported excavation with an average stand-up time greater 

than one year« It must be emphasized that the Geomechanics System gives 

conservative results in rock masses with less than three joint sets»

A comparison of results from the Q-System and the Geomechanics 

System indicates that there is considerable disagreement in the predicted 

stand-up time. For some sites, the Geomechanics System predicts stand- 

up times of several weeks, while the Q-System predicts that an excavation 

in the same rock mass can remain unsupported for over 50 years. This 

discrepancy suggests that there is a high degree of uncertainty in any 

method of estimating stand-up time*

The unsupported spans estimated by the Geomechanics System 

generally fall within the ranges of spans given by the Q-System. In 

low strength rock (nonwelded tuffs), spans predicted by the Geomechanics 

System are comparable to these predicted by the Q-System with a 

conservative ESR value. In high strength rocks (granites), spans 

predicted by the Geomechanics System are comparable to those predicted 

by the Q-System with a less conservative ESR value. In general, the 

Geomechanics System becomes more conservative (compared to the Q-System) 

as the rock quality increases, The inherent conservatism of the 

Geomechanics System in high quality rock is primarily due to the presence 

of less than three joint sets * These comparisons are subject to the 

assumptions made in use of each classification system.
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5e4<>2 Limestones of the Kansas City Area, Southwestern 

Missouri9 and Western Illinois

Several existing limestone mines/storage facilities were visited 

in order to (1) obtain a comparison between unsupported spans predicted 

by the two rock mass classifications and (2) obtain a comparison between 

predicted and existing spans„ All of the sites visited were regular 

(checkerboard) room and pillar excavations.

In applying the Q-System, the following procedure was used:

1. RQD was estimated from a vertical scanline on the thickest
*fresh exposure near a mine entry at each site.

2. The number of joint sets was determined by considering bedding 

planes as one joint set and vertical joints as random. (It 

was very unusual for more than one non-horizontal discontinuity 

to appear in any given cross section in any of the mines 

visited).

3. The joint (and bedding plane) roughness and alteration 

numbers were difficult to determine accurately from examination 

of the smooth pillar and roof rock at all sites. Therefore, 

the number for smooth, planar joints with clay (shale) fillings 

was used in the worst situation, and the number for rough or 

irregular, undulating, and unaltered joints was used in the 

most favorable situation.

RQD determination from vertical scanlines on massive limestone 
and limestone-shale exposures are unaffected by joint orientation, due 
to the wide spacing of vertical joints.



The joint water number corresponding to dry excavations was 

used for all sites, as all of the mines visited were dry.

The stress reduction factor corresponding to medium stress 

was assumed for all sites, as no records of actual stress 

measurements were available.

ESR values for the least and greatest recommended degrees of

conservatism were used for all sites.
I

In applying the Geomechanics System, the following procedure

The uniaxial compressive strength for the Wyandotte Limestone 

(Argentine member) was obtained from Hass (1980c). The 

compressive strengths for the other limestones and sources of 

data are listed in Appendix C.3.

RQD was estimated from the thickest fresh exposure near a mine 

entry at each site.

The average spacing of joints (bedding planes) was estimated 

for all cases as the average bed thickness, which was approx

imately the same at all sites visited.

The rating for condition of joints (and bedding planes) was 

difficult to determine accurately from examination of the 

smooth pillar and roof rock at some sites. Therefore, the 

rating for wide open, continuous joints filled with gouge 

(shale) was used in the worst situation, and the rating for 

tight, slightly rough, and slightly weathered joints was used 

in the most favorable situation.
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5 o The groundwater rating corresponding to dry excavation was

used in all cases, as all of the mines visited were dry.

6 . The joint orientation was initially assumed as "unfavorable", 

according to the original instructions for use of the Geo

mechanics System (Bieniawski, 1974, 1976, and 1979). However, 

the joint orientation can probably be assumed as "very 

favorable", for the following reasons:

a. The Geomechanics System is primarily intended for rock 

masses having at least three sets of joint sets, while 

all the limestones visited have only one joint set (bed

ding planes) in any given opening cross section.

b. The orientation of flat-lying bedding planes does not 

have an unstabilizing effect where there are no other 

joint sets present and where the maximum field stress 

is vertical. .

7. Stand-up time and spans were estimated as the average values 

corresponding to the appropriate rock class, as given in the 

classification table by Bieniawski (1979a).

Results of limestone classifications and spans of existing 

mines are listed in Table 5.6. Conditions used in calculation of Q 

and RMR for all sites are listed at the bottom of the table. Other 

data for the two classification systems is given in Appendices D.3 and 

D.4.

The spans predicted by the Q-System with the assumptions of 

medium stress and rough, wavy, unaltered joints and the use of a



Table 506 Classification of Limestones in the Kansas City Area* Southwestern Missouri, and 
Western Illinois

Limestone Formation 
and Mine Location

Q-Systenv*- 
Range of Span (m) for 
worst to best Jr/Ja 
ESR = 0.8 ESR = 1.3

Geomechanics System^ 
Ranges of Average Stand-up 
time and Span for worst to 
best joint conditions and 
orientations

Existing 
spans (m)

Bethany Falls 
Kansas City, MO

3.2-8.8 5.3-14 1 week-6 months 
5—8 m

9-13.5

Wyandotte 
Bonner Springs, KS

3.4-9.2 5.6-15 1 week-6 months 
5-8 m

10-11

Burlington-Keokuk 
Neosho, MD

3.4-9.2 5.6-15 1 week-6 months 
5—8 m

15-20

Burlington 
Clinton, MO

3.4-9.2 5.6-15 1 week-6 months 
5-8 m

15-17

Burlington 
Quincy, IL

3.6-9.7 5.8-15.5 1 week-6 months 
5—8 m

15-17

Burlington 
Springfield, MO

3.7-10 5.9-16 1 week-6 months 
5-8 m

15-18

Warsaw 
Carthage, MO

3.6-9.7 5.8-15.5 6 months-10 years 
8—15 m

15

Salem
Prarie du Rocher, IL

3.7-9.9 5.9-16 6 months-10 years 
8-15 m

15



Table 5.6— Continued

1. Parameters used in classifying all limestones by the Q-System:
J = 3  (one joint set plus random joints)

= 0.25 (smooth, planar joints with clay fillings)
(Jr/Ja)max = 3 (rough or irregular, undulating joints with unaltered walls)
J .= 1.0 (dry excavation)w
SRF = 1.0 (medium stress, 10 < a /a- < 200 and 0.66 < o^/o^ < 13
(ESR) . = 0.8 (for underground nuclear power stations and public facilities)m m
(ESR)max = 1.3 (for underground storage rooms)

2. Parameters used in classifying all limestones by the Geomechanics Systems 
Spacing of joints: Rating=10 (average bed thickness = 20 to 60 cm)

Condition of joints: Minimum Rating = 10 (gouge < 5 mm thick or joints open 1-5 mm,
continuous joints)

Maximum Rating = 25 (slightly rough surfaces, separation < 1 mm,
slightly weathered walls)

Groundwater: Rating = 15 (dry)

Adjustment for joint orientation: Minimum Rating = - 10 (unfavorable, bedding dip 0 to 20°)

Maximum Rating = 0 (very favorable)
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moderately conservative ESR value (i.e,, corresponding to storage 

caverns) correlate closely with the existing spans» All of the lime

stones satisfy Barton’s (1978) requirements for self-supported excava

tions , Although Barton et al. (1974) warn that the Q-System should be 

used with caution in "softer sedimentary rock" because of their defi

ciency of case studies of openings in these rock types, these results 

indicate that the system can indeed be used in the design of self

supported excavations in limestone,

The 1976 version of the Geomechanics System, using the minimum 

bedding thickness for the joint spacing rating, gives definitely over

conservative results. The 1979 version also gives over-conservative 

results (Table 5.6) when the average bed thickness is used for the 

joint spacing and the adjustment for unfavorable joint orientation 

(dip 0 to 20°, regardless of strike) is included. However, when the 

assumption of very favorable joint orientaiton is combined with assump

tions of rough, tight, and unweathered bedding planes, the most recent 

version gives more realistic results.

5.5 Comments on Classification Systems

5.5.1 Q-System

In discussions of the Q-System, Bieniawski (1975, 1979b) 

suggested that it is nonconservative (compared to the Geomechanics 

System, due to the generally excellent quality of rock and the extensive 

experience in tunneling in Scandinavia), while Bergman (1975) suggested 

that it is over-conservative (due to older excavations forming part of 

its data base).
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Another criticism of the Q-System is that it may be somewhat 

artificial, since its relatively high degree of sophistication implies 

a fuller understanding of rock mass behavior (Houghton, 1976). A high 

degree of understanding of tunneling conditions is not always available 

at the early stages of an underground construction project, when rock 

mass classifications are most valuable.

The Q-^System includes an equation for calculation of support 

pressure as a function of rock mass quality, joint set number, and 

joint roughness number, However, the relationship of support pressure 

to rock mass quality is subject to (1) a deficiency of data in its 

derivation and (2) uncertainty in determination of support pressures 

in case histories (Einstein et al., 1979), In addition. Barton et al,

(1974) state that "There does not appear to be any trend or necessity 

to increase the support pressure with increasing dimensions of caverns". 

This statement is based on the improved rock-support interaction 

characteristics and load—carrying capacity of modern support systems, 

but it seems to contradict some observations. Experience has shown 

that a small tunnel may be stable in a given rock mass, while a large 

tunnel may be unstable (Egger, 1974), This relationship may be explained 

by the fact that the larger excavation influences a larger volume of 

rock, which may contain a larger number of potential weakness planes..

Despite these criticisms, the Q-System has several features 

which make it a valuable tool in stability evaluations, These features 

include (1) consideration of initial stress conditions, (2) applic

ability to a wide range of rock mass qualities and types of excavations, 

and (3) usefulness in siting large caverns.
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Barton et al. (1974) have recognized the importance of initial 

stress field and have included the stress reduction factor (SRF) as a 

parametero Although determination of this parameter requires either 

stress measurements or relatively detailed in situ observations, the 

SRF appears to be justified because "Many constructors have learned 

(to their cost) that the initial stress field can impose severe problems" 

(McCusker, 1980),

Due to its extensive data base, the Q-System is applicable to 

a wide range of rock qualities and types of excavation. The case 

studies used by Barton et al. (1974) to develop the Q-System are shown 

on a plot of SPAN/ESR vs Q in Fig. 5.4. This plot indicates that the 

data base includes a considerable number of case studies in the ranges 

of rock quality, span, and degree of conservatism required for large 

storage caverns. (From Table 5.1 and 5.2, the region of interest in 

Fig. 5.4 has Q values greater than about 20 and a range of SPAN/ESR 

between 7 and 30.) It is also evident that many of the case studies 

in this region are unsupported excavations. Thus, the Q-System appears 

to be quite appropriate for this application.

The Q-System is especially useful in site selection for large 

caverns. Barton’s (1978) requirements for permanently self-supported 

excavations (Table 5.3) provide one set of siting criteria for stable 

and economical caverns. In addition, the Q value has been used by 

Walia and McCreath (1977) and by Lawrence et al. (1978) as a basis for 

evaluating potential sites for underground energy storage facilities.

In these studies, rock masses with Q greater than 100 are considered 

"prime", rock masses with Q between 15 and 100 are "favorable", and
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rock mass with Q less than 15 are "unfavorable". The Q-System is 

considered by Lawrence et al. (1978) to be the most comprehensive9 

flexible s, and useful system for evaluating the geo technical suitability 

of a site.

5.5.2 Geomechanics System

Field applications of the Geomechanics System (Section 5.4) 

have shown that it is conservative for some high quality rock masses.

The conservative results are partly due to the presence of fewer than 

three joint sets in some of the subject rock masses. (The Geomechanics 

System is intended for rock masses with three or more joint sets.) 

Another reason for the inherent conservatism of the Geomechanics System 

is the wide range of spans in its data base for the high quality region 

(right side of Fig. 5.3).

Field applications have also shown that the predicted spans and 

stand-up times are somewhat insensitive to changes in some rock condi

tions, especially conditions of discontinuities. This characteristic

is not necessarily undesirable, since greater sensitivity may lead

to inaccurate estimates of span and stand-up time.

Other criticisms of the Geomechanics System have been made in

the literature. Cockcroft (1976) has suggested that consideration of 

weathering conditions is necessary, stating "It would seem that an RMR 

determined at the surface may indicate a project in ’impossible’ when 

in fact the rock is much improved at depth." Laubscher and Taylor (1976) 

have made the following comments:
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1. "After the initial stress adjustment of a rock mass (after 

excavation)9 there is little underground evidence to suggest 

that the stand-up time can always be directly related to the 

class of rock."

2. Regarding the condition of joints, joint separations are not

an in situ (natural) feature of rock masses, but are controlled 

by field and induced stresses.

3. Adjustments for joint orientations, joint spacing (using a 

weighted rating), weathering, stress conditions, and blasting 

conditions are suggested.

An advantage of the Geomechanics System is its simplicity. No 

stress field information is required, and all parameters can be 

determined before construction. The Geomechanics System was found easier 

to apply than the Q-System by Houghton (1976), because of the rigid 

divisions in each parater of the Geomechanics System,

As mentioned previously, Bieniawski introduced the Geomechanics 

System in 1974 and modified the system in 1976 and 1979. These modifica

tions indicate that any classification system provides at best a rough 

estimate for support requirements and that classification systems should 

be updated as more data becomes available.

Bieniawski et al. (1980) have discussed additional modifications 

for applying the Geomechanics System to coal mine roofs. An adjustment 

to rating for rock strength, RQD, and joint condition was included

*Laubscher and Taylor (1976) did not mention that joint separa
tions can be produced by weathering due to groundwater.



to account for the weatherability of rock masses, This adjustment 

was based on the slake durability index (International Society for Rock 

Mechanics, 1979)• A similar adjustment may be justified in limestone- 

shale formations that are susceptible to weathering. Additional modif- 

cations for future versions of the Geomechanics System may include 

combining the ratings for RQD and joint spacing and incorporating the 

effects of field stresses into the system (Bieniawski et al., 1980).

5.5.3 Q-System and Geomechanics System

Comments applicable to both classification systems include the 

following observations:

1. Both systems place too much emphasis on rock conditions and
*not enough emphasis on construction methods (Rutledge, 1977).

2. The weathering characteristics of a rock mass may have a 

significant influence on classification results (as noted in 

field applications for limestones. Section 5.4.2).

3. Due to the fact that empirical methods are based partly on 

conservatively designed base cases, these methods tend to 

overestimate support requirements (Einstein et al., 1979).

Rock excavated by machine tunneling can be expected to have 
higher quality than rock excavated by blasting, as observed by Houghton 
(1976) in England and by Cockcroft (1976) in Norway. In addition. Barton
(1975) noted the effects of blasting techniques used in large caverns 
in western Norway. Where blasting was crude, three joints sets were 
evident. . Where smooth blasting was used, it was almost impossible to see 
any joint sets. Barton (1975) also suggested that wherever possible, 
classifications should be based on examination of exposures excavated in 
the same manner as the planned project.



Empirical methods are subjective in determination of parameters 

by the user and in development of the method (Einstein et al., 

197.9).

None of the empirical methods considers all of the factors 

influencing the stability of underground excavations (Einstein 

et al., 1979).

Design of underground excavations based on rock mass classi

fications should always be complemented by in situ monitoring 

of rock mass behavior (Bieniawski, 1975, 1976, and 1979; 

Rutledge, 1977; Einstein et al., 1979).



CHAPTER 6

SUMMARY, CONCLUSIONS, AND RESEARCH NEEDS

6.1 Summary and Conclusions 

Underground disposal of LLW in mined caverns is an attractive 

alternative to shallow land burial because it offers greater security 

and waste isolation. Recent trends in LLW management suggest that under-" 

ground repositories may provide a more efficient disposal method than 

shallow burial facilities.

The underground alternative is technically feasible, but at a 

relatively high construction cost for an underground repository compared 

to the initial cost of a shallow burial facility. However, the higher 

initial cost for an underground repository might be offset by savings 

in long-term operating, maintenance, and decommissioning costs. The 

safety and economy of underground repositories and facilities for a 

variety of other purposes (e.g., commercial storage, civil defense, 

manufacturing, hydroelectric and nuclear power, and pumped energy 

storage) can be optimized by using the generic siting and design methods 

presented in this paper.

For economical construction, efficient waste hauling, and ef

fective radionuclide containment, repository media should be rock masses 

that allow the excavation of wide, self-supported, and dry storage rooms 

accessed by horizontal or slightly inclined tunnels. Based on these 

conditions, the most favorable rock types for siting self-supported and

222
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dry excavation are plutonic rocks, tuff, and limestone» Site surveys, 

mine visits, and literature review have shown that suitable rock masses 

occur in the Northeast, Southeast, Midwest, and Southwest,

The proposed layout consists of several parallel storage room 

separated by a wide rib pillars and intersected by one or two access 

tunnels. This layout provides a high degree of waste isolation, mini

mizes construction and operating costs, allows simultaneous construction 

and waste disposal, and provides structural stability. The total stor

age volume of the facility depends on the desired operating period, 

and the proposed layout can be designed for any volume by adjusting the 

length and/or number of rooms.

Room and dimensions and configurations should be designed for a 

truck haulage system. From the vertical clearance (about 13 ft) of a 

standard 55 ft semitrailer, all openings should be at least 15 ft high. 

From the turning radius (45 ft) of the truck, storage rooms consisting of 

single tunnels should be at least 45 ft wide to allow entrance of the 

truck. Storage rooms consisting of double tunnels should be at least 

90 ft wide to allow U-turns within rooms. Required widths may be 

reduced by bevelling pillar corners if intersections remain stable.

Various methods of stability evaluation should be used to deter

mine whether a given rock mass will allow self-supported excavations of 

the minimum dimensions required for storage rooms. The recommended 

approach for a preliminary stability evaluation includes use of the 

following methods:

1 . consideration of a number of potential failure modes, including 

fracturing of roof and sidewalls * failure of rib pillars.
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shearing of roof, failure along joints, earthquake damage, 

bearing failure and settlement of roof and floor, roof and 

floor failure due to horizontal field stresses, and weathering 

problems in roof and floor;

2. application of elastic theory to design of openings in homo

geneous and stratified rock;

3. application of rock mass classification systems for evaluation

of potential host rock masses,

These methods have been used in this paper to obtain generic 

siting and design criteria. These applications include many simplifying 

assumptions and generalizations. Final design and construction modifica

tions should be based on the actual behavior of the host rock mass as 

observed during in situ monitoring. In order to provide optimum protec

tion against water seepage and rock spalling and to maintain the natural 

containment capacity of the host rock, a conservative approach is 

recommended in stability evaluations. A design which prevents localized 

failure is over-conservative with respect to the overall stability of an 

underground structure, but ensures safe and economical operation of the 

facility. It is particularly important for this application in which 

any induced fractures increase the possibility of water penetration.

The ultimate design criterion for a waste repository is the degree of 

isolation that can be assured.

Consideration of a number of potential failure modes provides 

a basis for a comparative risk assessment of the failure modes, and 

preventive measures constitute important siting and design criteria
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(e.g., allowable widths and alignment of rooms, required rib pillar 

widths, and required rock mass properties).

The following failure modes have been considered (listed in

order from most critical to least cirtical) for mined caverns in any

rock types

1 . failure along joints

2 . fracturing in the roof and sidewalls (especially due to tensile

and shear stresses)
*3. failure of in-room rib pillars

4. earthquake damage

The order of failure modes is subject to a number of site-specific 

characteristics, including the geologic structure, stress conditions, 

and strength properties of the rock mass, and the seismicity of the site.

This comparative risk assessment is based on safety factor 

estimates and on consideration of general rock mass characteristics 

required for self-supported openings. The same conservative assumptions 

(i.e., no shear strength or bending resistance in the overburden and no 

confining pressures) were used in all safety factor calculations. Ranges 

of overburdens, bed thicknesses, and opening widths were obtained from 

the literature and from mine visits. Selection and evaluation of these 

failure modes are subject to the assumptions listed in Appendices B.l 

and B .2 and the assumptions that the structural components (i.e., roof, 

pillars and floor) act independently. In realityit may be difficult

•kFor openings in limestone-shale formations, the factor of safety 
against bearing pillar failure may be greater or less than the factor 
of safety against pillar failure, depending on rock properties and 
pillar width.
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to predict the most critical failure mode due to interactions of the 

roof, pillars, and floor. However, uncertainties in the behavior of 

underground openings may be resolved by in situ monitoring of test 

tunnels and rooms.

From consideration of failure along joints, the following 

measures are recommended:

1. Site investigations should include (a) determination of the

shear strength along joints representing all major joint sets, 

(b) mapping of joints along exploratory tunnels in at least 

two different orientations, and (c) estimation of the stress 

field (principal stress magnitudes and orientations).

2 o Rooms and access tunnels should be aligned so that predominant 

joints strike across or obliquely to rather than parallel to 

the lengths of the openings.

3 . If tensile fractures develop across joints in the roof, espe

cially at intersections, the block formed should be supported 

by roof bolting.

4. Intersections should be located away from major joints and 

highly jointed areas, which should be detected during site 

investigations. Favorable formations for caverns siting have 

three or fewer joint sets, with all sets striking at least 50° 

from each other. Storage rooms and access tunnels should be 

aligned at least 25° from the strikes of all major joint sets. 

Favorable limestone formations are either essentially unjointed 

or have not more than one or two non-horizontal joint sets *
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Formations with more sets of joints are less desirable for 

siting economically constructed underground facilities, since 

roof bolting would be required 0

A stability evaluation for fracturing of the roof and sidewalls 

of an underground opening involve determination of induced stresses.

In homogeneous rock masses, fracturing due to tensile and shear stresses 

must be considered. Tensile and shear stresses in a rock mass may 

cause failure by creating new fractures or by causing displacements 

along existing cracks. Where stress fields are affected by steep valley 

walls, compressive stresses in hard rock (e.g., granites) have caused 

rock bursting. For openings in stratified rock, a comparison of safety 

factor estimates indicates that tensile fracturing due to bending of the 

roof is more critical than shear failure (either by bending or pillar 

punching). Because a high degree of conservatism is required for the 

design of critical underground facilities, the preliminary analyses for 

roof and sidewalls fracturing are based only on elastic theory. Frac

turing around storage rooms and intersections must be prevented in 

order to ensure isolation from groundwater, and therefore site investiga

tions must be sufficiently detailed to guarantee stable and elastic rock 

mass behavior.

In cavern layouts employing in-room rib pillars, the design 

width of these pillars must be initially estimated by an appropriate 

empirical method (e.g., the Holland-Gaddy or Obert and Duvall formula) 

or by past mining experience. From factor of safety estimates against 

pillar failure in existing mines, it is evident that the Holland-Gaddy
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formula is more conservative than the Obert and Duvall formula0 The 

major source of discrepancy is the different degrees of emphasis 

placed on pillar width in the two formulas. Additional sources of 

discrepancy include extrapolation of intact rock strength to pillar 

strength and specifications of sample shape for laboratory compression 

testse Regardless of which method is used to design pillars, a width- 

to-height ratio of at least 1 is recommended to avoid problems associated 

with deformation and jointing in pillars, Existing limestone mines and 

storage spaces use width-to-height ratios of 1 to 2. Optimum design 

would require large scale compression testing with determination of 

stress-strain and size-strength relationships.

In siting underground facilities near faults, the possibility of 

renewed seismic activity must be considered, especially near areas of 

past seismic activitye Possible earthquake effects include changes in 

groundwater flow due to ground displacements and changes in structural 

stability of excavations due to accelerations. Detailed research, 

including literature review and field work, should be carried out in 

order to determine whether nearby faults have been recently active. A 

preliminary seismic risk evaluation may be based on the magnitudes and 

distributions of historical earthquakes. In addition, a comparison of 

predicted values with threshold values of maximum acceleration or 

velocity for tunnel damage can be used to obtain a minimum safe distance 

between mined caverns and large, potentially active faults. Preliminary 

dynamic stability evaluations may be based on calculation of seismic 

stresses and comparison of total peak stresses with rock strengths. 

Studies have shown that earthquakes motion decreases with depth and with
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distance from the causative fault and is affected by geologic structure, 

source characteristics, and material properties» These findings may also 

be applied in preliminary site evaluations» A high degree of conserva

tism is recommended for site selection, because the state of the art in 

seismic evaluations for underground structures is subject to uncertain

ties due to the scarcity of data on earthquake damage to tunnels and. 

mineso Because of the susceptibility of tunnels to portal damage, some 

measure of earthquake hardening for portals should be considered in 

the detailed design of critical underground facilities.

The following failure modes have been considered specifically 

for caverns mined in limestone-shale formations:

1. bearing capacity and settlement problems in the roof and

floor (also possible in layered tuffs)

2 . failure of roof and floor due to horizontal compression

(also possible in layered tuffs)

3. weathering problem in the roof and floor

Differential roof movements sometimes lead to large-scale 

collapses in underground room and pillar mines and may be caused by 

bearing capacity failures of either the roof or floor or by excessive 

settlement of the floor. The methods of soil mechanics (e.g., deter

mination of Terzaghi bearing capacity, elastic settlements, and consoli

dation) can be applied to the analysis of shale. However, it appears 

that these methods have nor been applied to any great extent in investi

gating mine roofs and floors. For optimum results, the classical methods 

should be modified to account for site-specific floor characteristics
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(e.g. 5, limestone and/or shale beds that contain non-horizontal discon

tinuities or vary in thickness and in deformation properties. Since 

excessive settlements of shales are more likely to occur before bearing 

capacity failures, the detailed site investigations should include 

settlement predictions based on elastic analyses and consolidation 

testing of floor shales. Extrapolation of results is subject to the 

effects of discontinuities and confining stress. Results of these 

analytical methods should be checked by in situ bearing tests using a 

plate size that influences a representative depth of floor rock.

To provide greater safety and a better driving surface for 

vehicles, a limestone bed should be left as the floor of a storage 

cavern. In Kansas City area mines, floors are sometimes artificially 

treated by underground developers to improve the driving surface. The 

floor shale underlying the Bethany Falls Limestone provides a satis

factory road material for mining equipment, but must be paved for 

smaller vehicles (e.g., small trucks and forklifts) used in transporting 

stored materials (Stauffer, 1978).

High horizontal compressive stresses perpendicular to opening 

cross sections may cause buckling or low-angle shearing in a limestone 

bed forming the immediate roof or floor. Measurements of high horizontal 

stress at shallow depths indicate that these failures mechanics are quite 

possible under low vertical stresses. Horizontal field stresses have 

potentially unstabilizing effects only if their magnitude is greater 

than that of the vertical (overburden) stress. Stress measurements at 

a number of sites are needed to determine whether high horizontal 

stresses are common in limestone. In competent beds, excessive
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horizontal stresses may be relieved by cutting slots. Alternatively, 

the stresses acting in cross-sectional planes of openings may be 

minimized by adjusting the alignment of openings (if there is a signif

icant difference between the minimum and maximum horizontal field 

stresses) or by carefully adjusting the widths of openings.

Ground control problems that are especially critical in lime-' 

stone-shale formations are due to weathering. Roof failures may occur 

after groundwater has weakened shale interbeds or clay-filled joints, 

or after groundwater has dissolved limestone along joints, fractures, 

and bedding planes. Thus the strength of a limestone roof depends 

partly on the presence or absence of groundwater, and groundwater 

infiltration can be prevented by siting a cavern below on overburden 

containing impermeable clays or shales. (However, to prevent roof 

control problems, these layers should lie above an immediate roof 

consisting entirely of competent limestone.)

Consideration of weathering problems makes evident the impor

tance of siting caverns in dry, competent formations. Formations with 

beds of sufficient thickness of competent limestone (to prevent room and 

floor control problems) and overlain by impermeable materials (e.g., clay, 

shale, or tight sandstone) are ideal for cavern siting. Areas with 

widespread solution features (e.g., sinkholes, caves, and solution 

joints) or past mine failures are obviously unacceptable. In siting 

caverns for storage of commercial products, the use of field inspections, 

refraction surveys, exploratory drilling and tunneling, and laboratory 

and/or in situ testing may provide enough information for site evaluation.
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In selecting sites for low-level waste disposal, power plants, 

and other critical facilities, a more conservative approach must be 

taken, The most critical aspect of site selection for critical under

ground facilities in limestone-shale formations appears to be the 

uncertainty involved in prediction of long-term changes in hydrologic 

conditionso These conditions control to a great extent the long term 

stability and safety of underground structures. A detailed site 

investigation program, employing state-of-the-art techniques of hydrol- . 

ogy, remote sensing, geophysics, and groundwater chemistry is required.

Applications of elastic theory include (1) the use of perimeter 

stress concentrations and finite element models in a stress analysis for 

openings in homogeneous rock (e.g., granite), and (2) the use of elastic 

beam and plate theory in stress and displacement analyses for openings 

in stratified rock (e.g., limestone).

Study of the perimeter stress concentration graphs for rectan

gular openings indicate the following design principles:

1. Failure due to compression is unlikely at shallow depths, since 

high compressive stresses occur only in small zones around 

corners of openings. (The stress concentrations at the midspan 

and midheight positions are more representative of the stresses 

controlling the stability of the opening.)

2. The development of a tension zone can be prevented by siting 

and aligning an opening such that the vertical and horizontal 

field stresses are approximately equal.

3. The size of the tension zone increases with the width of the 

opening.
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The most economical and efficient way to minimize tension above a wide 

rectangular room is to use two openings separated by a rib pillar.

The magnitude and distribution of stresses in the rock around 

the opening can be determined by the finite element method. The magni

tude and distribution of tensile and shear stresses in the elements 

around the opening give an estimate of the rock zones that may fail. 

Finite element models have been used to study the effects of stress 

field5 room width, and room and pillar width on the stability of rectan

gular storage rooms. This analysis revealed that tensile failures are 

most likely where the vertical stress is much greater than the horizon

tal, and that shear failures are most likely where the horizontal stress 

is much greater than the vertical.

Results of the tensile stress analysis by the finite element 

method include determination of stress fields (ratio of horizontal to 

vertical applied stress) required to prevent tensile failure above 

four different storage room configurations. A storage room.consisting 

of a 60 ft wide single tunnel requires a horizontal to vertical stress 

ratio more than 20% higher than a storage room consisting of double 

30 ft wide tunnels. A minimum ratio of horizontal to vertical field 

stress of 0.67 is required to prevent tensile failure above storage 

rooms of the most stable configuration (double 30 ft wide tunnels). 

Stress fields required for other room configurations are listed in 

Table 4.4.

Results of the shear stress analysis by the finite element 

method include a comparison of stress distributions and magnitudes 

around single and double openings. For single openings, a hydrostatic
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stress field is most favorable with respect to shear failure, and the 

maximum stress concentration is virtually unaffected by opening width.

In double openings, a stress field with higher vertical stress is most 

favorable, and the maximum stress concentration is significantly affected 

by the width of the rib pillar.

Consideration of results of both tensile and shear stress 

analyses reveals the following generalizations:

1. Tensile failures are most likely under high vertical stresses, 

while shear failures are most likely under high horizontal 

stress.

2. In order to effectively prevent tensile and shear failures,

an in-room rib pillar should be at least as wide as one of the 

openings forming the room. (In other words, each opening 

should practically be a single opening.)

A major limitation of the finite element method as used here is 

that the rock mass is assumed to be continuous and be homogeneous. Rock 

masses often contain discontinuities, and a zone of damaged rock is 

known to exist around actual underground openings. It must be emphasized 

that the stress distributions resulting from an elastic analysis corre

spond to an idealized rock mass, but that they are useful in preliminary 

design work.

The current approach to stability analysis for stratified mine 

roofs is based on consideration of past' mining practices and on the 

theory of elastic beams and plates. From a survey of existing limestone 

mines and from a single layer elastic analysis, an immediate roof
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thickness of 8 to 16 ft is considered adequate to prevent tensile frac
turing in limestone roofs with spans of 40 to 60 ft under 50 to 250 ft 
of overburden. Preliminary design criteria for a given formation and 

site may be obtained from the room widths in existing mines listed in 

Appendix A.2 and from safety factors against tensile fracturing in 

Tables 4.6 and 4.9.
A considerable degree of uncertainty is inherent in stability 

evaluations based on beam and plate theory for the following reasons:

1. The fact that a roof layer has cracked does not necessarily 

imply instability, due to support provided by cantilever 

action, arching, and lateral loading.

2. The shearing resistance along bedding planes is usually not 

taken into account in applications of basic beam theory to 

roof control problems.

3. A roof that is stable according to design calculations may 

not be permanently stable, due to

a. weathering effects of infiltrating groundwater in roof 

beds (e.g., loss of interbed adhesion and shear strength 

and dissolution of limestone)

b. extrapolation of the tensile bending strength of intact 

limestone (from laboratory tests) to the strength of the 

actual limestone roof beds.

In order to deal with these uncertainties in roof behavior the following 

approach is suggested:

1. Tensile fracturing should be prevented by

a. locating a thick unfractured, uniform limestone bed with
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a prominent underlying bedding plane and using this bed 

as the immediate roof,

2o The shearing resistance of bedding planes should be estimated 

by in situ and laboratory testing and then specified in 

stability evaluations performed by numerical modelling (e.g., 

with the program BEAMS, by Jeffrey, 1981). However, the 

internal workings of numerical models may cause unrealistic 

results for some multiple beam systems, making detailed 

analysis necessary. ’

3. Uncertainties associated with long-term changes in roof

conditions should be minimized by detailed site investigations 

including

a. locating sites with impermeable overburden material (e.g., 

clay or shale) and immediate roofs of competent limestone 

without prominent shale partings

b . convergence monitoring in existing mines, in exploratory 

tunnels, and in test rooms.

Application of the rock mass classification systems of Barton 

et al. (1974) and BieniawskSi (1979a) is recommended in order to quanti

tatively account for the discontinuous nature of rock masses. In site 

selection, they provide guidelines for data collection and criteria for 

evaluation of support requirements. In preliminary design they provide 

estimates of maximum unsupported room spans.

During site selection, a preliminary classification based on 

field observations, core logging, and simple laboratory tests in some
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cases will indicate that a major geomechanics investigation is 

unnecessary (Everell et al., 1174). The results of classifications 

can be used to help determine whether a given site is unsuitable for 

self-supported excavation, or whether the site is satisfactory and the
i

design phase can be started. According to the Q-System by Barton et al 

(1974) and the Geomechanics Systems by Bieniawski (1979), host rock 

masses for caverns must be of very high quality to allow large, self

supported excavations.

The Q-System is particularly valuable in site selection because 

it contains a clearly-defined set of requirements for permanently self

supported excavations. These requirements are listed in Table 5,3 and 

include the following criteria:

1. There must not be more than three joint sets.

2. Joints should be unweathered and rough.

3. Several relationships between parameters of the Q-System must 

be satisfied.

The two classification systems have been applied to a number 

of granitic and tuffaceous rock masses in central and southeastern 

Arizona and to several massive limestones hosting existing, mines/storage 

facilities of the Kansas City area, southwestern Missouri, and western 

Illinois.

Application of the Q-System to granites and tuffs suggests that 

several rock masses are suitable for hosting large self-supported 

caverns. The Geomechanics System is inherently conservative, as it 

was developed for rock masses having at least three joint sets. Spans
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predicted by the Geomechanics System fall within ranges of spans 

predicted by the Q-System0 Considerable differences are observed 

in comparing stand-up times predicted by the two systems,.

Classification of massive limestones has also shown that the 

Q-System is more adaptable to these formations than the Geomechanics 

Systemo Maximum unsupported spans calculated by the Q-System (with 

conservative assumptions of medium stress and rough, wavy, unaltered 

joints) compares well with existing spans, and rock mass conditions 

at all of the sites visited satisfy Barton*s (1978) requirements for 

self-supported excavations0 In most cases, the most recent (least 

conservative) version of the Geomechanics System predicted spans 

(5 to 8 m) and stand-up times (1 week to 6 months) which are 
conservative compared to the actual spans (9 to 20 m) and stand-up 
times (more than 20 years) of existing mine openings 0 A future version 

of the Geomechanics System, including adjustments for weatherability of 

rock masses and in situ stresses (Bieniawski et al0, 1980) may be much 

more adaptable to limestone and limestone-shale formations0

6o2 Research Needs 

Two methods of stability evaluation used in this paper must be 

supplemented by more detailed geotechnical investigations„ The following 

topics are recommended for a more complete generic study: 

lo a nationwide survey of potential host formation 

20 collection of in situ stress data from the literature 

3o rock mass characterization studies for plutonic rocks and tuffs
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4o field evaluations to establish the validity of elastic analyses 

and rock /mass classifications 

5o field applications and evaluation of Hoek’s (1979) combined 

criteria from rock strength, rock mass classification, and 

elastic stress concentrations 

60 additional model studies, including finite element analysis 

of bedded roofs and discontinuous rock masseso 

The final stage of siting and design work should be a stability evalu

ation based on in situ monitoring in test tunnels and rooms,

A survey of potential host formations for underground excavations 

should consist of a review of existing geologic data and a number of 

preliminary site investigations. Sources of structural geologic data 

include boring logs, geologic maps, and literature. Preliminary 

investigations should include application of rock mass classifications.

An essential element of site investigations which can be obtained 

from literature is the in situ stress field in potential host formations. 

Due to wide variations of measured horizontal field stresses with depth, 

shown in Fig, 6,1, there is considerable uncertainty in attempts to 

predict stress fields (Brown and Hoek, 1978), Figure 6,1 provides a 

range of in situ stresses which can be expected at a given depth in a 

region not subjected to extreme tectonic disturbances (Hoek, 1979), and 

shows that sites with favorable stress fields (i»e*, where the horizontal 

stress is greater than or equal to the vertical stress) are fairly 

common at depths less than 1000 m. Compilations of stress measurements 

(e,g,, the one by Lindner and Halpern, 1978) are valuable sources of 

data for locating rock masses and sites with favorable stress fields.
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Rock mass characterization studies for plutonic rocks and tuffs 

are needed to provide descriptions of formations allowing large, self- 

supported excavations * (A number of features characterizing favorable 

limestone formations are given in this paper.)

Essential parts of a characterization study include rock mass 

strength and deformation properties, spacing and length of discon

tinuities, effects of blasting, and time-dependent behavior.

Rock mass strength properties may be evaluated by large seale 

compression and shear testing. Deformation moduli may be determined by. 

a number of in situ methods (e.g., bearing plate tests, jacking tests, 

and seismic methods). Bieniawski (1979a) and Barton et al. (1980) have 

suggested that rock mass deformation moduli maybe quickly estimated by 

correlation with rock mass quality. The geometry of discontinuities 

may be evaluated by sterographic analysis of detailed mapping data 

(Goodman, 1976).

Blasting effects are important because the containment capacity 

of the rock mass must be preserved. Excessive blast damage can cause an 

increase in rock mass permeability by creating new fractures and by 

opening existing cracks.

Time dependent behavior must be considered because failure of 

all types of rock is time dependent to some extent (Koplik et al., 1979). 

All rock masses require a certain period of time to deform fully under 

applied stress. Although this effect cannot be satisfactorily incorpo

rated into static design analyses (e.g., elastic stress analyses), it 

must not be neglected during design and construction (Egger, 1974).
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Study of some of these characteristics has already begun in 

investigations for high-level waste repositorieso Strength and deforma

tion properties for a generic granite are presented by Dames and Moore 

(1978)o Blasting effects and significant geologic features in granite 

gneiss have been studied by Hustrulid (1979) at the experimental mine 

of the Colorado School of Mines0 Displacement monitoring during mining 

of granitic rocks has been carried out at the Nevada Test Site and at 

the Colorado School of Mines experimental mine (Klingsberg and Duguid, 

1980)o A detailed study of tuff at the Nevada Test Site is being carried 

out by Sandia National Laboratories, and includes joint mapping (Lappin, 

1980), determination of intact rock strengths and joint shear strength 

(Olsson and Teufel, 1980), and time-dependent behavior (Tyler and 

Langkopf, 1980).

The results of elastic stability analyses and rock mass classi

fications must be verified by field studies. Predicted (elastic) 

stresses and displacements can be checked by stress and displacement 

monitoring in test tunnels and rooms. Verification of elastic behavior 

ensures a high degree of confidence in excavation design. Predicted 

spans and stand-up times from rock mass classifications can only be 

checked by long term monitoring. The effects of weathering and excava

tion methods on classification results can also be determined by field 

studies.

Hoek (1979) has presented a number of stability criteria based 

on a combination of rock mass strength, rock mass quality, and induced 

stresses. One set of criteria consists of relationships between 

principal stresses and between normal and shear stress at failure and
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rock mass quality (according to the Q-System and the Geomechanics 

System). These criteria are listed for selected rock types in Table 

6olo An approximate guide to excavation stability is based on rock mass 

strength, in situ stress fields, and elastic stress concentrations.

These guidelines are given in Fig. 6.2. The purpose of this graph is to 

narrow the ranges of rock mass conditions which are suitable for a hard 

rock repository (Hoek, 1979). Before these relationships can be applied 

with any degree of condifence, the methodology used in their development 

must be verified by field applications.

Additional modelling studies may be carried out to supplement 

the elastic stress analyses presented in this paper.

Aggson (1979) used a finite element analysis of a stratified 

mine roof in which each roof member was considered as a continuous, 

homogeneous unit. This approach seems reasonable because the roof 

failures observed in an existing mine with known stress distributions 

were the same failures predicted by the finite element analysis (Aggson, 

1979).

A complete stability analysis for a discontinuous rock mass would 

include considerations of displacement (i.e., separation and/or sliding 

along the entire system of discontinuities. The presence of discon

tinuities causes preferred displacements and affects stress distributions 

around underground openings. Elastic models predict tensile stresses in 

a roof formed by continuous rock above an opening. However, in actual 

jointed rock masses, arching action across jointed rock blocks produces 

compressive stresses in mine and tunnel roofs. An accurate representa

tion of actual joints with ^joint elements1’ in the model rock mass



Table 6.1 Approximate Equations for Principal Stress Relationships and Mohr
Envelopes for Intact Rock and Jointed Rock Masses.— from Hoek, 1979.

Rock Description 
and Classification

Carbonate rocks with well 
developed crystal cleavage—  
dolomite, limestone and marble

Fine grained polyminerallie 
igneous crystalline rocks—  
andasite, dolerite, diabase 
and rhyollte

Coarse grained polymineral lie 
igneous and metamorphic crys
talline rocks-amphlbolite, 
and quartz-diorite

Intact rock samples 
Laboratory-zize rock specimens 
free from structural defects. 
CSIR rating 100+, NGI rating 500

°ln = °3n + /7^ T T T : ¥
Tn = 0.822(an + 0.140)0.714

°ln = a3n + Jlla3n + 1 *°
t = 1.101(0 + 0.059)0.727

°ln " °3n + /55% " + 1-°
= 1.24(0 + 0.40) 0.731

Very good-quality rock mass 
Tightly interlocking undisturbed 
rock with unweathered joints 
spaced at 3 to 3 meters.
CSIR rating 85* NGI rating 100

°ln = 03n + *'3-5o3n + 0 -J
= O.649(on + 0.029) 0.703

°ln = °3n + T O
T = 0.883(0 + 0.012)n n

0.718
CTln ’ °3n + + °-1
t = 1.001(0 + 0.008)°'733

Good-quality rock mass 
Fresh to slightly weathered rock, 
slightly disturbed with joints 
spaced at 1 to 3 meters.
CSIR rating 65, NGI rating 10

o = a + Vo. 7o + 0.004In 3n 3n
t = 0.347(a + 0.006) 0.666

o = o + /l.7o _ + 0.004In 3n 3n
= 0.496(on + 0.002) 0.689

■o, = o n + /2.5o0 + 0.004In 3n 3n
tn = O.574(on + 0.002) 0.697

to
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requires specification of field stresses, joint frictional properties 

and joint stiffnesses. The interaction of these parameters makes the 

development of a numerical model of a jointed rock mass a complex 

problem. Numerical models for jointed rock masses have been developed 

(Goodman, 1976), but their application to underground design problems 

- is not yet widespread.

Detailed study of jointed rock masses for generic design purposes 

may not be practical, due to the site-specific nature of the variables 

involved. However, after a few potential sites have been selected, the 

stability of' discontinuous rock masses can be studied on a comparative 

basis.

Regardless of the detail of pre-construction investigations, 

there is always some degree of uncertainty involved in the design of 

underground excavations. Uncertainties inherent in the design stage of 

all rock engineering can be minimized before or during the construction 

stage by in situ monitoring of test rooms and pillars (Lane, 1975). 

Probably the most important application of stress/displacement monitoring 

is in the study of roof and pillar interaction, since identification of 

any one potential failure mode (e.g., yielding of pillars or bending or 

shearing of roof) may be difficult. In addition, a significant portion 

of underground construction costs are due to corrective measures that 

become necessary during excavation, including those due to counteract 

unpredicted behavior of earth materials (Majtenyi, 1976). Thus, 

detailed site investigations, including stress and displacement 

monitoring around an excavation, are justified. Construction



247

specifications for critical underground facilities must be written 

with enough flexibility to allow utilization of monitoring data in the 

final design.



APPENDIX A

MASSIVE LIMESTONE FORMATIONS OF THE MIDWEST

Underground storage has been successfully carried out for more

that 30 years in limestone mines in the midwestern United States.

Stable unsupported spans of 12 to 21 m (40 to 70 ft) exist at depths of

15 to 90 m (50 to 300 ft) in several room and pillar mines in the more

massive limestones, i.e., those of lower Mississippian and Pennsylvanian 
*age. Most of these mines have had no problems with groundwater 

infiltration. This experience suggests that underground rock caverns 

constructed in these formations may provide a safe and economical 

method for disposal of low-level radioactive waste. Massive limestones 

occur in any parts of the U.S., but Fig. 1.7 shows that most of the 

active underground limestone mines are located in Missouri, Illinois, 

Kentucky, and Pennsylvania.

With regard to the use of limestone as a potential host rock for 

radioactive waste repositories and other critical facilities, some 

qualifying remarks are necesary. Considerable attention must be given 

to hydrogeologic.investigations, which are not discussed in this paper. 

It must be ensured that a repository site is initially dry and that it 

will remain dry for the required isolation or operational period. Site 

investigations should be able to rule out the possibility of unforseen

Spans and depths are based on mine visits and personal 
communication with owners and operators in Missouri and Illinois.
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changes in hydrologic conditions that may cause wetting of the repos

itory e This requirement is especially critical because of the 

susceptibility of limestone to solution.

Limestones in the Midwest are widely exposed in bluffs along 

stream valley. These exposures provide natural sites for construction 

of horizontal accessways for underground mines and storage facilities.

A significant rise in stream levels or water tables over geologic time 

may result in flooding of the underground space.

Geologic features formed by groundwater solution of limestone 

are indications that a given area is unsuitable for cavern siting.

These features can often be detected by various methods of investigation. 

Karst development has been detected by infrared photography even before 

sinkholes become evident (Lamoreaux, 1979). Caves can be detected by 

gravity and resistivity surveys (Greenfield, 1979). In addition, the 

results of a study by Thraikill (1968) suggest that cave and sinkhole 

development may be detected by analyzing the hydrology and groundwater 

chemistry of an area. These techniques show great potential for use 

in site selection for underground excavations in limestone.

Geologic literature and existing mines provide valuable data 

for site selection, especially in limestones with rock mass character

istics which are consistent over large areas.

Table A.l is a list of selected limestone formations that 

appear to be suitable for underground cavern siting. The table lists 

only those limestones with widespread occurrence, average thicknesses 

greater than 20 feet, generally massive bedding, and little or no sand

x ' /: .



Table A.l Potential Host Formations for Underground Storage Caverns

Formation Mined Thickness
or Member Outcrop Areas Underground (ft) Geologic Features References

Bethany,Falls E KS-W MO 12-30 Overlain and underlain by shale;
upper part contains a few inches 
to 3 ft of competent nodular lime
stone and a 2-4 ft thick competent 
bed; lower part is thin and wavy- 
bedded to slabby; lower shale 
commonly swells and heaves; faulted 
S and SE of Kansas City.

1-4

Glen Dean S & SW IL 
S IN 
W KY

60-80 Contains varying amounts dolomite and 5, 6 
* a shale layer of variable thickness;

30 overlain by shale in SW IL; contains
shale interbed in W KY.

Ste. Genevieve E-Cent & SE MO 
S & SW IL 
S IN 
W KY
N-Cent KY

50-110
100-300
70-150

175-150
A

Contains rapid facies changes both 5-13 
vertically and horizontally; locally 
contains lenses and interbeds of sand 
and sandstone, especially in upper part; 
overlain by shale and tight sandstone in 
S and SW IL; overlain by water-bearing 
sandstone in parts of KY; faulted in W 
KY; contains caves and sinkholes in W- 
central KY (Mammoth Cave Area) and in 
S IL.
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Table A.l— Continued

Formation Mined Thickness
or Member Outcrop Areas Underground (ft) Geologic Features References

St Louis E-Cent & SE MO 100
SW MO 50
S & SW IL 100-200
W-Cent, Cent, & E Cent IL x 0-100
S IN 90-300
W KY 410-590

Salem E-Cent & SE MO x 100-160
S & SW IL x 100-300
E-Cent IL 0-100
S IN 20-80
W KY 70-145

Ullin S & SW IL 100-800
(Uarrodsburg S IN 60-80
member) NW KY 20-50

Warsaw NW & Cent M0 50
SW MO 150
W KY 150-640

Contains breccia and shale zones 5, 7, 9
especially in lower part; contains 11, 13
chert, especially in upper W KY; 
contains dolomite in IL; contains 
numerous caves and sinkholes in 
many areas.

Contains rapid facies changes; 5, 6, 11
becomes increasingly doloraitic toward 12-14
N; argillaceous in W KY; faulted in 
S and SW IL and W KY; contains caves 
in S and SW IL.

Faulted in S and SW IL. 5, 6, 11,
1 2 , 1 5

Becomes argillaceous in other areas 7, 10, 13 
(NE M0 and W IL); contains shale 
partings in NW MO; contains chert 
modules and layers, faulted in W KY.



Table A.l— Continued

Formation 
or Member Outcrop Areas

Mined
Underground

Thickness
(ft) Geologic Features References

Burlington Cent & E-Cent, Has relatively uniform lithology;
and NE, & SE MO x 70-125 contains dolomite in N part of W- 5, 6, 13,
Burlington- SW MO x 150-200 Cent XL; contains chert throughout, 14, 16, 17
Keokuk W-Cent & SW XL x 50-150 especially in upper part; becomes

increasingly cherty toward SW XL; 
contains clay-filled and stylolitic 
bedding planes in W-Cent XL; over- 
lain by shale in parts of W and SW 
XL; high horizontal stresses measured 
in quarry floor (about 80 ft below 
original ground surface) at Carthage,
MO: (all)mln = 777 psi, ( a ^ m a x  ” 1066 Psl 
at N2°E.

Kimmswick 
Subgroup 
(including 
Dunleith 
Fm.)

Jefferson
City

NE MO 
SE MO
W, S, & SW 
S IN

N & W MO

XL

50-100
50-150
90-125

*

125-350

Overlain by shale or shaly sandstone 
in most areas; underlain by shaly 
limestone in XL; argillaceous in 
some areas.

Consists mainly of dolomite; contains 
lenses of orthoquartzite, conglomerate, 
and shale; stratigraphy is inconsistent,

6, 14, 18

19

No thickness data is given in references for these areas.
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Table A.1— Continued

References
1. Dean et al, 1978
2. Gentile, 1975
3. Gentile, 1978
4. Parizek, 1978
5. Atherton et al, 1975
6. Baxter, 1978
7. Dever and McGrain, 1969
8. Bretz and Harris, 1961
9. Brown, 1966

10. Dever et al, 1978
11. McGregor, 1963
12. Rooney, 1970
13. Spreng, 1961
14. Whitfield, 1978
15. Sable et al, 1966
16. Keller, 1979
J7. Hooker and Johnson, 1969
18. Willman and Buschbach, 1975
19. Martin et al., 1961
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or sandstoneo The characteristics listed provide general guidelines 

for site selection and data collection. Faults and other geologic 

structures of Missouri and Illinois are described and mapped by 

McCracken (1971) and Willman et al. (1975), respectively.

Table A.2 gives some important features of several existing 

mines. The table includes a few representative mines in some of the 

most favorable limestone formations and includes only mines in good 

condition. Approximate locations of the mines and storage facilities 

listed may be determined from the map shown in Fig. 1.8. The data 

listed provide empirical guidelines for preliminary stability analyses. 

The roof, pillars, and floor of additional Missouri mines in good to 

poor,condition are described by Whitfield (1978).

Visits to a number of mines and storage facilities in limestone 

have provided additional information for this paper. From consider

ations of the failure modes discussed in the next chapter, it is 

apparent that one of the most important mine characteristics is the 

thickness of competent limestone beds in the immediate roof. All of the

mines visited have at least one very thick (3 to 8 ft) bed immediately
*above the entries. All mines except those in the Bethany Falls Lime

stone (Kansas City area), the total minimum thickness of competent roof 

rock immediately above the entries was estimated to be in the range of 

8 to 16 ft. The mines and underground facilities in the Bethany Falls 

have an immediate roof of 4 to 8 ft of competent limestone overlain by

According to Lamar (1967), limestones and dolomite occur in 
beds ranging in thickness from a fraction of an inch to more than 20 
feet.



Table A 02 Data from Existing Limestone Mines in Kansas, Missouri and Illinois

Formation & 
Avg. Thickness

Wyandotte

Bethany Falls

Mine Owner Min. Thickness Total
& Location of Roof Lime- Overburden Room Room & Pillar Pillar

stone (ft) (ft) Width (ft) Height (ft) Width (ft) References

Salem

Salem

Warsaw

Burlington-
Koekuk

Loring Quarries
Bonner Springs, KS *20

Inland Storage 
Kansas City, KS 40

Downtown Industrial 
Park, Kansas City, MO 40

N. Independence 40
Industrial Park, 
Independence, MO

Great Midwest 40
Kansas City, MO

Brunson Instruments 40 
Kansas City, M0

Al Stotz Quarry, 40
Prairie du Rocher,
IL

Mississippi Lime 90
Co., Ste.
Genevieve, MO

Carthage Under- 35
ground, N 
Carthage, MO *

Ozark Terminal 40
Co., Southwest 
Lime Co., Neosho,
MO

20-70

150-175

120

100

65-140

80

40-200

75-280

50-60

50-160

35

45

40

30

45

30

40-70

55

50

50

17-20

12 •

12-16

13-17

12-13

12-13

12-54

20-90

17

20-25

25

20

30

20

27

15

40

40-60

20

20

1, 2

1, 3

1, 3 
1, 3

1, 3 

1, 3

1, 4

1, 4
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Table A.2— Continued

Formation & 
Avg. Thickness

Mine Owner Min. Thickness 
& Location of Roof Lime

stone (ft)

Total
Overburden

(ft)
Room
Width (ft)

Room & Pillar 
Height (ft)

Pillar 
Width (ft) References

Burlington Williams Rock 20 
Mining Co.,
Clinton, MO

30-100 40-60 11-30 25 1, 4

Burlington General Warehouse 30 
Corp., Griessmer 
Stone Co., E.
Springfield, MO

50 50 27 30 1, 4

Burlington Ash Grove Cement 30 
Co., SE
Spring!ield, MO

55 50 20-25 35-40 1, 4

Burlington Calcium Carbonate 80 
Co., Quincy, IL

80-120 50-55 28-30 25 1

Kimmswick 
Subgroup 
(Including 
Duneith 
Fm.)

Columbia Quarry 20 
Co., Valmeyer,
IL

50-300 40-55 18-40 40-56 1, 5

References
1. Personal communication with mine personnel, 1979-1980; also brochures courtesy of Columbia Quarry Co, 

and Ozark Terminal Inc., and information sheet by Roger Keller of Calcium Carbonate Co.

2. Runnels, 1956

3. Gentile, 1975

4. Whitfield, 1978

5. Illinois State Geological Survey, unpublished memos in files
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a few inches to 3 ft of less competent nodular limestone and 2 to 4 ft 

of shale. These ranges of immediate roof thickness are based on the 

appearance, estimated thickness, and arrangement of individual beds as 

observed in fresh exposures above mine entries. More precise estimates 

would require careful examination of drill core taken away from expo

sures .



APPENDIX B

DATA AND CALCULATIONS FOR SAFETY FACTOR ESTIMATES
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APPENDIX B.l Failure of Pillars in Existing Underground Facilities

B.1.1 Average Stress on Pillars according to Tributary Area Theory
S = S (1-R )~1p v a

Mine Location Depth 
h (ft)

Approx. Vert.  ̂
Stress Sv(psi)

Room Width 
W0 (ft)

Pillar Width 
Wp (ft)

Extraction 
Ratio Ra^

Avg. Pillar
Stress S (psi) P

Inland Storage, 
Kansas City, KS

150-200 165-220 45 20 0.91 1830-2440

Downtown Industrial 
Park, Kansas City, MO

120 132 40 30 0.82 * 730

No Independence 
Industrial Park, 
Independence, MO

100 110 30 20 0.64 310

Great Midwest,. 
Kansas City, MO

70-140 77-150 45 27 0.86 550-1070
*Brunson Instruments , 

Kansas City, MO
80 88 30 15 0.25 120

Carthage Underground, 
Carthage, MO

50-60 55-66 50 20 0.92 690-825

General Warehouse, 
Springfield, MO

50 55 50 30 0.86 390

Ash Grove Cement, 
Springfield, MO

55 61 55 35-40 0.82-0.85 340-410

Pillars in this facility are 75 ft long and 15 ft wide. Pillars in all other mines are square, 
"Estimated by Sv = 1.1 h psi. ' W
^Estimated by Ra - 1 ------- Pi.Uar areatotal tributary area For square pillars, Ra = 1 - (W + W )' o p 259



APPENDIX B,I-— Continued

B.1.2 Uniaxial Compressive Strengths of Intact Rock Samples

Formation and 
Sample Location

Avg. Compressive A 
Strength C0 (psi)

Adjusted Compressive , 
Strength Si or Cl (psi)

Bethany Falls 
Jackson County, MO

17,550 19,700

Warsaw
Jasper County, MO

17,900 20,100

Burling ton-Keokuk 9,790 11,000
Greene County, MO

Average of values for 4 in x 2 in cylindrical samples for Haas, 1977a (Bethany Falls), 
Haas, 1978a (Warsaw), and Haas, 1980b (Burlington-Keokuk)» 
t -1Adjusted for height: diameter = 1:1 by = C0 (.778 4* .222 d/1) , where d and 1 are
the sample diameter and height (Obert and Duvall, 1967). Assume S% (for cubical 
samples, in Holland-Gaddy formula) is equal to 0% (for either cubical or cylindrical 
samples, in Obert and Duvall formula).
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APPENDIX B.l— Continued

B.1.3 Pillar Strength

Sp = S1 Vdl/T (Holland-Gaddy)
0 = 0 ,  (.778 + .222 W /H ) (Obert and Duvall)p i  p p

Mine
Location

Pillar Dimensions 
Width (ft) Height (ft)

Adjusted Pillar Widths* 
L (in) Wp(ft)

Pillar Strength 
Sp(psi) Cp(psi)

Inland Storage 
Kansas City, KS

20 12 170 14 2520 20,400

Downtown Industrial 
Park, Kansas City, MO

30 12-16 290 24 2470-
3290

21,500-
24,100

N. Independence 
Industrial Park, 
Independence, MO

20 13-17 170 14 1780- 
' 2330

18,900-
20,000

Great Midwest 
Kansas City, MO

27 12-13 250 21 2820-
3060

22,400-
23,000

Brunson Instrument 
Kansas City, MO

15 12-13 110 9 1870-
2030

18,400-
18,600

Carthage Underground, 
Carthage, MO

20 17 170 14 1820 19,300

General Warehouse, 
Springfield, MO

30 27 290 24 820 10,700

Ash Grove Cement, 
Springfield, MO

35-40 20-25 350-410 29-34 970-
1310

11,400-
12,700

Assume that the support provided by the outer 3 ft of pillar is negligible due to damaged rock 
(as suggested by Obert and Duvall, 1967),



APPENDIX B.2 Failure of Limestone Rib Pillars of Various Width to Height Ratios

B.2.1 Average Stress on In-room Rib Pillars according to Tributary Area

Theory
W W

S = S — ^ Room width (all cases) : W = 45 ftp v W oo

W/H to L/T W (ft) P Depth h (ft) Approx. Vertical 
Stress Sv (psi)

Avg. Pillar
Stress S (psi) P

1.0 15 50 55 220
100 110 440
150 165 660
200 220 880
250 275 1100

1.5 22.5 50 55 165
100 110 330
150 165 495
200 220 660
250 275 825

2.0 30 50 55 138
100 110 275
150 / 165 413
200 220 550
250 275 688
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APPENDIX Bo2— Continued

Bo2o2 Pillar Strength

SP = S1 VDL/T (Holland-Gaddy)

0 = 0- (.778 + .222 W 7h ) (Obert and Duvall)P 1 P P
Pillar height (all cases): T = 180 in, = 15 ft

Pillar Width (Wp (ft)* Pillar Width to Height Ratio* Pillar Strength (psi)^
Original Adjusted Original Adjusted Sp (psi) Cp (psi)

15 .9 1.0 0.6 900-1640 10,000-18,300
22.5 16.5 1.5 1.1 1210-2230 11,200-20,500
30 24 2.0 1.6 1470-2690 12,500-22,800

Assume that the support provided by the outer 3 ft of pillar is negligible due to 
damaged rock (as suggested by Obert and Duvall, 1967),

Ranges of Sp and Cp are based on the compressive strength of samples of Warsaw and 
Burlington-Keokuk Limestones, as listed in Appendix B,1, Part Bolo2, Assume S% (for 
cubical samples, in Holland-Gaddy formula) is equal to Cl (for either cubical or 
cylindrical samples, in Obert and Duvall formula).
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APPENDIX B.3 

B.3

Assume shear

Bearing Capacity of Limestone Roof in Vertical Shear

,1 Equation for Factor of Safety
See Figs„ 3.19 and 3.20 for physical situation and forces acting on 
the roof slab.
Assume overburden has no shear strength.
Assume there are no lateral stresses acting on the roof slab.
Assume shear failure occurs at both corners of the opening:

y F = 0 = t  , (2t) - Y h W - Y t WL v developed o o o r o
failure occurs at only one corner of the opening:

l “corner ’ 0 ’ t developed ‘■V " ho ' V t Wo (h V
W (y h + y t)

. ^developed = — -----------  (identical for shearing at one corner
and shearing at both corners)

Assume y = Y = Y o r

Let h + t = h o
r, , ^  h)developed = ---— ---

"available * c + Th tan *

If Th " °' "available * c

^available c _ 2tcr o =
^developed ^o . ^o ^  

~2t
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APPENDIX B.

B

3— Continued

o3o2 Data

Cohesion of limestone in immediate roof t c , = 1000 psi9 c - 1500 psimin max
(estimated from failure envelopes. Figs0 C.l, C.2, and C.3.)
Vertical stress due to weight of overburden and roof slab: y h = Idh psi
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APPENDIX B.4 Bearing Capacity of Shale Floors under Limestone Rib 
Pillars

B.4.1 Data
Unit weight of shale in floor:

y = 100 to 180 pcf = 0.06 to 0.1 lb/in'̂
(specific gravity = 1.6 to 2.9, from Lama and Vutukuri, 1978)
Footing (pillar) width, all cases: B = 45 ft
Internal friction angle of shale in floor: <j> = 0
Unconfined compressive strength of shale: Cq = 1250 to 5360 psi
(range of values for wet and dry shales
from Dulaney, 1960)
Cohesion of shale in floor: c = 625 to 980 psi

(assuming c = h C )

B.4.2 Equations for Ultimate Bearing Capacity
Wedge method: = % yBtan^ (45° + <t>/2)- + ■ [tan^(45° + <j>/2)-l]

For (J) = 0: q =: % yB + 4c = 2500 to 3920 psi 
*Terzaghi method : q^ = ^yBN^ + cN^

For <j) = 0: q^ = %yB + 5.14 c = 3240 to 5060 psi
Bearing strength = Compressive strength:

q^ = Cq =1250 to 5360 psi

Equation given is for zero surcharge adjacent to base of 
footing (pillar).
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APPENDIX B.4— Continued

B.4.2 Derivation of Equation for Average Bea: 
Pillars on Floor

Total bearing stress on floor: S, = S + Sb p pw

Vertical stress on top of pillar according to

Vertical stress on floor due to weight of pillar, for pillars of a 
unit length:

Tributary Area Theory: = yh

, _ weight
pw area

y ZW H r ( p p x 1)
W

Total bearing stress on floor:

S.b S + S P pw
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APPENDIX B.4— Continued

B.4.3 Average Bearing Stress according to Tributary Area Theory

W W
Sb = ^h + \  HPr ^

Data used in all cases:
Vertical stress due to overburden: yh = l.lh psi

3Unit weight of limestone in pillars: y^ = 170 pcf % q.1 lb/in
(Max. specific gravity = 2.65 ~ 2.7, from Haas, 1980b)

Room width: W = 45 fto

Pillar width: W = 15 ftP
Pillar Height: H^ = 15 ft

Depth 
h (ft)

Overburden 
Stress (psi)

Avg. Bearing Stress 
Sb (psi)

50 55 240
100 110 460
150 165 680
200 220 900
250 275 1120



APPENDIX Bo5 Tensile Fracturing in Single-Layer Limestone Roofs9 based on Elastic 
Beam Theory

B.5.1 Equations for Maximum Bending Stress and Factor of Safety

Assume beam has fixed ends and is uniformly loaded. Assume overburden has no shear strength 
an no resistance to bending. Assume there are no lateral stresses acting on the roof beam.

2Maximum bending moment (from elastic beam theory): ^max " 9^ /12

Uniform load due to weight of beam and overburden: q = y^t + y^h^
6M

Maximum bending stress: a = — —max 2̂

= igJ
12t2

2 2 
Y  tL y h L

v2 , vv-2
= —  + i p -

Tensile bending strength (rupture strength) of beam:
Ro

Factor of Safety against tensile failure: FS = amax
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APPENDIX B. 5— Continued

B.5.2 Data
3

Unit weight of limestone in immediate roof: = 170 pcf 25 0»1 lb/in
(max. specific gravity = 2.65 ~ 2.7, from Haas, 1980b)
Vertical stress due to overburden: y h = y (h - t) = 1.1 h psio o o o

B.5.3 Maximum Bending Stress

Room Width 
L (ft)

Depth 
h (ft)

CT / .Xmax (psi) 
t (ft)
6

for Various Immediate Roof 

8 10 12
Thicknesses

14

40 50 1480 710 470 340 260
100 2460 1400 910 650 490
150 3680 2080 1350 950 710
200 4950 2770 1790 1260 940
250 6120 3460 2230 1560 1160

50 50 1930 1110 740 530 410
100 3840 2180 1430 1010 760
150 5750 3250 2110 1490 1110
200 7660 4330 2800 1970 1460
250 9570 5400 3490 2440 1810

60 • 50 2780 1590 1060 770 590
100 5530 3140 2050 1460 1090
150 8280 4690 3040 2140 1600
200 11000 6230 4030 2830 2100
250 13800 7780 5020 3520 2610
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APPENDIX B.6 Shear Failure in Single-Layer Limestone Roofs9 based on Elastic 
Beam Theory

B.6.1 Equations for Maximum Shear Stress due to Bending and Factor of 
Safety

Use same assumptions listed in Appendix B.5, Part B.5.I.

Maximum shear force (from elastic beam theory): V = 4^max 2
Uniform load due to weight of beam and overburden: q = t + y^h^

3VMaximum shear stress: t = —max 2t

=  M i4t i

3y tL 3y h L r o o
4t 4t

3y L 3y h L
= - 4 -  + 0 04t

Shear strength of beam: x = c +'a tan <$>

If x = 0, x = c
0 x̂

Factor of Safety against shear failure: FS = T Tmax max



APPENDIX Bo6— -Continued

B.6o2 Data
3

Unit weight of limestone in immediate roof: = 170 pcf ~ 0.1 lb/in

(max. specific gravity = 2.65 ~ 2.7, from Haas, 1980b)

Vertical stress due to overburden = y h = y (h - t) * 1.1 h psio o o o

B.6.3 Maximum Shear Stress Due to Bending

3y L 3y h L
T =  — — - f  ---7 T ^ -max 4 4t

Room Width Depth Tmax (psi) for Various Immediate Roof
L (ft) h (ft) Thicknesses

2
t (ft) 
4 6 10

40 50 830 430 280 170
100 1650 830 550 340
150 2480 1240 830 500
200 3300 1650 1100 660
250 4130 2070 1380 830

50 50 1040 520 350 210
100 2070 1040 690 420
150 3100 1550 1040 620
200 4130 2070 1380 830
250 5160 2580 1720 1040
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APPENDIX B. 6— Continued

Room Width Depth Tmax (psi) for Various! Immediate Roof
L (ft) h (ft) Thicknesses t (ft)

2 4 6 10
60 50 1240 620 420 250

100 2480 1240 830 500
150 3720 1860 1320 750
200 4950 2480 1650 990
250 '6190 3100 2070 1240
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APPENDIX B.7 Tensile Fracturing in Single-Layer Limestone Roofs above Intersections, 
based on Elastic Plate Theory and Wright's (1973) Method

Use same assumptions listed in Appendix B.5. (Plate is actually fixed at corners rather
than at end;)

B.7.1 Maximum Tensile Bending Moment for Fixed-End Beams

V  beam ' ̂ ! 11
Vertical stress due to overburden: q = Y h0 + Y t ~ lei h psi

Room Width Depth (M ) ,
L (ft) h (ft) (1™ 5 n)beam

40 50 1.01 X 106
100 2.11 X io6
150 3.17 X io6
200 4.22 X ID6
250 5.28 X io6

50 50 1.65 X io6
100 3.30 X io6
150 4.95 X io6
200 6.60 X 106
250 8.32 X io6
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APPENDIX B. 7— Continued

Room Width 
L (ft)

Depth 
h (ft)

(M ) , max beam
(Ib-in)

60 50 2.38 x 106
100 4.75 x 106
150 7.13 x 106
200 9.50 x 106
250 1.19 x 107

B.7.2 Pillar Factor '

C = 3/4 (1 - v2) (E /E ) (A4/Ht3)P S
Poisson1s ratio of roof in horizontal direction: v = 0.266
(average of values for Bethany Falls Limestone, from Haas, 1977a)
Ratio of elastic modulus of pillar in vertical direction to elastic modulus of roof in 
horizontal direction: g / E  = 1 3 *

P s
Height of pillars: H = 15 ft

Based on values of Young’s modulus in directions parallel and perpendicular to bedding
for the Moredock member at Valmeyer, Illinois (from Illinois State Geological Survey)
and for the Salem Limestone at Bedford, Indiana (from Lama and Vutukuri, 1978).

275



APPENDIX B . 7— Continued

B.7.3 Multiplication Factor I. (from Fig. B.l to nearest .05)

Room Type, Approximate Values of C and Factor I
Room Width L, for Various Immediate Roof Thicknesses t (ft)
and Plate Width 6 8 10 12 14

Single tunnel 28,000 11,800 6,000 3,500 * 2,200
L=40 ft, A=100 ft 1.5 1.45 1.4 1.35 1.3

Single tunnel 68,300 28,800 14,700 8,500 5,400
L=50 ft, A=125 ft 1.6 1.5 1.45 1.4 1.35

Single tunnel 141,500 59,700 30,600 17,700 11,100
L=60 ft, A=150 ft 1.7 1.6 1.55 1.45 „ 1.4

Double tunnel 6,700 2,800 1,500 800 500
L=40 ft, A=70 ft 1.4 1.35 1.3 1.3 1.25
L=50 ft, A=70 ft
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APPENDIX B. 7— Continued

B.7.4 Multiplication Factors II (from Fig. B.l)

Room Type,
Room Width L,
and Plate Width A L/A Factor II

Single tunnels 
L=40 ft, A=100 ft 
L=50 ft9 A=125 ft

0.4 0.98

L=60 ft9 A-150 ft ‘

Double tunnel 
L=40 ft) A=70 ft

0.57 1.02

Double tunnel 
L=50 ft) A=70 ft

X-

0.71 1.10

B.7.5 Multiplication Factors III (from Fig. B.l)

Room Width Crosscut Span 
L (ft) Room Span Factors III

0.63 0.75
0.50 0.65
0.42 0.62

40
50
60
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APPENDIX B.7— Continued

B.7.6 Maximum Tensile Bending Stress

a = max
6Mmax 6 x I x II X  III X (M ), max beam
t2 t 2

Room Type,
Room Width L, 
and Plate Width A

Depth
(ft)

Approximate amax 
Roof Thicknesses 
6 8

(psi) for Various 
t (ft)
10 12

Immedial

14

Single tunnel 50 1,300 700 400 300 200
L=40 ft 100 2,700 1,500 900 600 400
A=100 ft 150 4,000 2,200 1,400 900 600

200 5,400 2,900 1,800 1,200 900
250 6,700 3,700 2,300 1,500 1,100

Single tunnel 50 1,900 1,000 600 400 300
1=50 ft 100 3,900 2,100 1,300 900 600
A=125 ft 150 5,800 3,100 1,900 1,300 900

200 7,800 4,100 2,500 1,700 1,200
250 9,800 5,200 3,200 2,100 1,500

Single tunnel 50 2,800 1,500 900 600 400
1=60 ft 100 5,700 3,000 1,900 1,200 900
A=150 ft 150 8,500 4,500 2,800 1,800 1,300

200 11,400 6,000 3,700 2,400 1,700
250 14,200 7,600 4,700 3,000 2,200
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APPENDIX B.7— Continued

Room Type,
Room Width L, 
and Plate Width A

Depth
(ft)

Approximate amax 
Roof Thicknesses 
6 8

(psi) for 
t (ft)
10

Various

12
Immediate

14

Double tunnel 50 1,300 700 400 300 200
1=40 ft 100 2,600 1,400 900 , 600 400
A=70 ft 150 3,900 2,100 1,300 900 600

200 5,200 2,800 1,800 1,200 900
250 6,500 3,500 2,200 1,500 1,100

Double tunnel 50 1,900 1,000 600 400 300
1=50 ft 100 3,800 2,100 1,300 900 600
A=70 ft 150 5,700 3,100 1,900 1,300 900

200. 7,600 4,100 2,600 1,800 1,200
250 9,600 5,200 3,200 2,200 1,600
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APPENDIX C.l Granites of Central and Southeastern Arizona

Location
Specific
Gravity

Uniaxial 
No. Samples

Compressive Strength (psi) 
Min. Max. Mean

Brazilian 
No. Samples

Tensile Strength (psi) 
Min. Max. Mean

2 mi
E Bagdad 2.76 3 18,400 28,940 25,280 9 1768 2208 1992
Patagonia 
Mts, W 
Duquesne 3 16,960 26,520 20,340 5 963 1704 1246
Dragoon 
Mts, Cochise 
Stronghold 2.56 4 13,180 17,740 15,470 12 458 959 767
Payson 2.60 6 8,446 23,220 12,680 10 1020 1700 1356
Texas
Canyon,
N Dragoon 2 37,500 40,800 39,150 4 706 909 806
6-8 mi
W Miami 2.63 8,934 17,640 12,000 8 534 892 706
Bradshaw 
Mts, 2 mi NE 
Crown King 2.62 4 15,890 29,734 19,930 13 658 1380 1023
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APPENDIX Co2 Tuffs of Central and Southeastern Arizona

Location
Specific
Gravity

Uniaxial 
No. Samples

Compressive Strength (psi) 
Min. Max. Mean

Brazilian 
No. Samples

Tensile Strength 
Min. Max.

(psi)
Mean

Tumacacori 
MtSs SE 
Ruby 2.15 6 9485 21,650 14,050 7 1317 1870 1534
Queen Ck. 
Tunnel, 1 mi 
E Superior 2.15 3 9632 14,960 14,960 8 798 1799 1305
5 mi E 
Superior 2.49 6 8790 20,190 14,940 12 1130 2026 1495
7 mi E 
Superior 2.36 4 7405 15,820 12,280 8 690 879 778
Peloncillo 
Mts, NE 
Douglas 2.30 3 4625 7,823 6,205 12 439 1044 802
Kirkland 1.30 2 1579 1,664 1,620 4 303 410 360
Saguaro 
Lake, NE 
Apache Jet 1.60 6 1886 4,545 3,207 13 330 563 427
Pena Blanca 
Lake, NW 
Nogales 4 2773 8,472 4,785 4 495 568 515
Superstition 
Mts, 5 mi 
E Tortilla 
Flat 2.28 4 4371 7,183 5,826 9 421 830 614 283



APPENDIX Co3 Mechanical Properties of Some Limestones of Missouri9 Illinois9 and Indiana

Formation and 
Location

Specific
Gravity

Young? s Modulus 
(psi)

Poisson's Compressive Bending ^  Point Load
Ratio Strength(psi) Strength(psi) Strength(psi) Ref.

Bethany Falls  ̂
Kansas City, MO

Ste. Genevieve 
Anna, IL

2.49—
2.69
2.67

St. Louis 
St. Louis, MO

2.65-
2.67

Salem (Rocher Mbr.) 
Prairie du Rocher, IL
Salem
St. Genevieve, MO 
Salem
Prairie du Rocher, 
IL
Salem
Bedford, IN
Salem
Spergen, IN 
Salem
P and M Quarry 
Lawrence County, IL
Salem
Diehl Quarry 
Lawrence County, IN

2.46-
2.67

2.68

2.19- 
2.37
2.67

2.19- 
2.36

7.56 x lo|L' 
11.17 x 10

7.6 x 10 
10.9 x 106*

8.08 x 10

2.60 x 10 
5.95 x 10
1.70 x 10! 
2.30 x 10

6 -

6##

,205- 13,390- 928-1223
,326* 21,000

13,140+

.208- 18,800-
,299* 25,450+ 2913-5475

16,790- . 2680-5760
23,790

22,290 2600

4100-5310

7290

4527-8184 659-1250

9940-
12,043

779-1300

1007-1676#

1018-1242##

3
4

3
5

5

5

5

6
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APPENDIX C.3— Continued

Formation and Specific Young’s Modulus Poisson' 
Location Gravity (psi) Ratio

Salem 2.37-
Eureka Quarry 2.42
Lawrence Coun ty, IN
Salem 2.37-
Dark Hollow Quarry 2.39
Lawrence County, IN
Salem 2.14-
Aflington Quarry 2.41
Monroe County, IN
Salem
Chumley Quarry 
Monroe County, IN
Salem
Monark Quarry 
Salem
Acme Quarry 
Monroe County, IN
Salem
Beck Quarry 
Monroe County, IN
Salem
University Quarry 
Monroe County, IN
Salem
Maple Hill Quarry 
Monroe County, IN

2 .22-
2.44

2.26-
2.36
2.18-
2.29

2.23-
2.28

2.31-
2.34

2.29-
2.35

Compressive Bending ^Point Load
Strength(psi) Strength(psi) Strength(psi) Ref.

6448-
11,577 915-1290

5575- 786-1270
10,885

6012- 501-1130
11,772

5279- 831-1250
10,198

5260- . 1040-1760 6
13,702
6409- 427-938 6
10,607

10,066- 1050-1570
10,628

5639- 804-1460
12,961

7633- 705-974
10,225 285



APPENDIX C.3--Continued

Formation and 
Location

Specific Young’s Modulus Poisson’s Compressive Bending **Point Load
Gravity (psi) Ratio Strength(psi) Strength(psi) Strength(psi) Ref.

Harrodsburg 
Anna, IL
Harrodsburg 
Prairie du Rocher, IL

318-360#

600-1275#

Warsaw 2 
Jasper County, MO

2.58-
2.64

. 8.15 
9.68

X
X

.298-

.390*
16,800-
19,040

2423-3360 7

Burlington-Keokukg 
Greene County, MO

2.49-
2.63

8.79
9.49

X
X i f

.246-

.351*
9508-
10,210

624-2110 8

Kimmswick 
Washington County, IL

583-644# 3

Kimmswick 
St. Charles 
County, MO

2.40-
2.54

5.26
9.61

X
X i f

.303-

.328*
7262-
15,570+

536-2210 9

Dunleith (Moredock 
Mbr.) Valmeyer, IL

0.36
1.70

X
X i f -

2000-5300+ 223-230#
210-265##

3
3

Dunleith (Moredock 
Mbr.) Thebes, IL

417-716## 3

Jefferson City 
Dolomite

2.50-
2.61

4.87
6.91

X
X i f

.392-

.708*
13,800-
19,580+

2949-3824 1 0

Phelps County, MO

1. Intact rock cohesion: 1000 psi, from Fig. C.l
2. Intact rock cohesion: 1500 psi, from Fig. C.2
3. Intact rock cohesion: 1500 psi, from Fig. C.3 286



APPENDIX C.3— Continued

Values listed are Young's, modulus and Poisson's ratio at a stress of 50% of the ultimate strength.
**
Bending strength is sometimes referred to as modulus of rupture.

//
Lower values in these ranges were obtained in tests perpendicular to bedding, and higher values 
were obtained in tests parallel to bedding.

//#Lower values in these ranges were obtained in tests parallel to bedding, and higher values were 
obtained in tests perpendicular to bedding.

^Sample dimensions were given for these compressions tests: Bethany Falls (Ref. 1), St. Louis (Ref. 4)
Warsaw (Ref. 7), Burlington-Keokuk (Ref. 8), Kimmswick (Ref. 9), and Jefferson City (Ref. 10): 
approximately 4 in x 2 in cylinder, compressive strength for length: diameter ratio = 2:1;
Bethany Falls (Ref. 2): 1 in cube; Dunleith at Valmeyer (Ref. 3): 2 in x 2 cylinder

References
1. Haas, 1977a 
2i Stauffer, 1979
3. Illinois State Geological Survey
4. Haas, 1977b
5. Lama and Vutukuri, 1978
6. Indiana State Geological Survey
7. Haas, 1978a
8. Haas, 1980b
9. Haas, 1980a
10. Haas, 1978b
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Bethany Falls Limestone 
Cloy County, Missouri 
cr (psi) <t  (psi)v — .L,..,
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Fig. C.l Failure Envelope for the Bethany Falls Limestone.— Triaxial data
was obtained from Haas, 1977a.
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Burlington-Keokuk Limestone 
Greene County, Missouri 
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0
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Fig. C.2 Failure Envelope for the Burlington-Keokuk Limestone.— Triaxial data
was obtained from Haas, 1980b.
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APPENDIX D.l Classification of Granites and Tuffs in Southeastern Arizona by the Q-System

Rock Type 
and Location

Approx. No. of Joint Range of Q for
RQD Joint Sets J^ Roughness J^ Worst to Best SRF*

Granites
2 mi E 
Bagdad
Patagonia Mts.: 
3-5 mi W
Duquesne
Dragoon Mts.,
Cochise
Stronghold

Payson
Texas Canyon,
N Dragoon
6—8 mi 
W Miami
Bradshaw Mts.,
2 mi NE 
Crown King
Welded tuffs
Tumacacori Mts.. 
1 mi E Ruby
Queen Creek 
Tunnel, 1 mi 
E Superior

95

95

95

100

100

100

100

95

90

rough,
4 + random 15 planar

rough,
3 + random 12 planar

3 + random 

3 

3 

3

12

9

9

9

smooth,
planar
rough,
planar
smooth,
undulating
rough,
planar

rough, 
9 planar

rough,
3 + random 12 undulating

smooth,
3 + random 12 planar

1.5 4.75-19

1.5 6.0-24

1.0

1.5 

2

1.5

4.0-16

6.2-25 

11-44

8.3-33

1.5 8.3-33

3 12-48

1.0 3.8-15
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APPENDIX Dol— Continued

Rock Type 
and Location

Approx. 
RQD

No. of 
Joint Sets Jn

Joint
Roughness Jr

Range of Q for 
Worst to Best SRF*

Welded tuffs 
5 mi E 
Superior 90 3 9

smooth,
planar 1.0 5.0-20

7 mi E 
Superior 95 2 + random 6

rough,
planar 1.5 12—48

Peloncillo Mts., 
35 mi NE 
Douglas 95 2 + random 6

rough,
undulating 3 24-95

Non-welded tuffs 
-Kirkland 95 2 + random 6

rough,
undulating 3 24-95

Saguaro Lake, 
10 mi N 
Apache Jet. 95 2 + random 6

rough,
undulating 3 24-95

Slightly welded tuffs
Pena Blanca Lake,
NW Nogales 100 2 + random 6

rough,
undulating 3 25-100

Superstition Mts., 
5 mi E
Tortilla Flat 100 2 4

rough,
undulating 3 37.5-150

%Parameters used for all granites and tuffs:
Ja = 1.0 (unaltered joint walls); Jw = 1 (dry excavation)
SRF = 0.5 to 2 (high stress, 5 < ac/a^ < 10 and 0.33 < Ot/°l K 0.66). 
Use SRF = 1 for medium stress (ac < C0/oi < .200 and 0.66 < o^/ai < 13). 293



APPENDIX D.2 Classification of Granites and Tuffs in Southeastern Arizona by the Geomechanics
System

Rock Type 
and Location

Compressive Joint Range of *
Strength(MPa) Rating Spacings Rating RMR and Class

Granites
.2 mi E 
Bagdad

Patagonia Mts., 
3-5 mi W 
Duquesne
Dragoon Mts.,
Cochise
Stronghold
Payson

Texas Canyon, 
N Dragoon

6-8 mi 
W Miami

Bradshaw Mts. 
2 mi NE 
Crown King

174

140

107

87

270

83

137

12

12

12

15

12

20cm
50cm
1m

1.5m
10cm
30cm
50cm
20cm
50cm
1m
30cm
70cm
1m
20cm
Im
1m

50cm
1m

1.5m
1m
1m

>2m

13

12

13

13

13

15

65-73
II

61-69
II

64-72
II

61-69

68-76
II

60-68
II

67-75
II 294



APPENDIX D.2— Continued

Rock Type Compressive
and Location Strength(MPa) Rating

Welded tuffs
Tumacacori Mts., 97
1 mi

Queen Creek 103 12
Tunnel, 1 mi 
E Superior
5 mi E 103 12
Superior

7. mi E 85 7
Superior
Peloncillo Mts., 43 4
35 mi NE
Douglas
Non-welded tuffs
Kirkland 11 2

Saguaro Lake, ' '22 2
10 mi N 
Apache Jet,

Joint Range of *
Spacings Rating RMR and Class

70cm 15 57-65
70cm II-III
1.5m
1m 15 67-75
1m II

1.5m
80 cm 15 67-75
80cm II
1m
50cm 10 57-65
50cm II-III
lm, 15 59-67
1m II

lm 15 II-III
lm
>2m 20 II
>2m

K>
VO



APPENDIX D.2— -Continued

Rock Type 
and Location

Compressive 
Strength(MPa) Rating

Joint 
Spacings Rating

Range of * 
RMR and Class

Slightly welded tuffs
Pena Blanca 33 4 >2m 20 64-72
Lake, NW Nogales >2m II

Superstition Mts., 40 4 >2m 64-72
5 mi E >2m II
Tortilla Flat

Parameters used for all granites and tuffs:
RQD rating =20 (RQD = 90 to 100); rating for condition of discontinuities = 25 (slightly 
rough surfaces, separation < 1mm, slightly weathered); groundwater rating = 10 (dry 
excavation); adjustment for joint orientation = -10 to -2 (unfavorable to favorable).
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APPENDIX D.3 Classification of Limestones in Kansas City Area, Southern Missouri and Western
Illinois by the Q-System

Limestone Formation 
and Mine Location

Approx. 
RQD

Values of Q 
Jr/Ja = .25

for Extreme Conditions of 
(worst) Jr/Ja = 3 (best)

Bethany Falls 
Kansas City, MO 70 5.8 70
Wyandotte 
Bonner Springs, KS 80 6.7 80
Burlington-Keokuk 
Neosho, MO 80 6.7 80
Burlington 
Clinton, MO 80 6.7 80
Burlington 
Quincy, IL 90 7.5 90
Burlington 
Springfield, MO 95 7.9 95
Warsaw 
Carthage, MO 90 7.5 90
Salem
Prairie du Rocher, IL 95 7.9 95

297



APPENDIX D.3--Continued
*Parameters used for all limestones:

Jn = 3 (one joint set plus random joints)
min = 0.25 (smooth, planar joints with clay fillings)

(J^/J^) max = 3 (rough or irregular, undulating joints with unaltered walls)
= 1.0 (dry excavation)

SRF = 1.0 (medium stress, 10 < o^/o^ < 200 and 0.66 < a^/o^ < 13)
ESR min = 0.8 (for underground nuclear power stations and public facilities)
ESR max = 1.3 (for underground storage rooms)
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APPENDIX D.4 Classification of Limestones in Kansas City Area, Southern Missouri, and Western
Illinois by the Geomechanics System (1979 version, using average joint spacing)

Limestone Formation 
and Mine Location

Approx. 
RQD Rating

Compressive
Strength

(MPa) Rating

RMR and Class for Extreme Joint 
Conditions and Orientations* 
Rating=10(worst)Rating=25(best)

Bethany Falls 
KC, MO 70 13 121 12 50 III 75 II
Wyandotte, Bonner 
Springs, KS 80 17 87 49 III 74 II
Burlington-Keokuk 
Neosho, MO 80 17 68 49 III 74 II
Burlington 
Clinton, MO 80 17 68 7 49 III 74 II
Burlington 
Quincy, IL 90 20 68 7 52 III 77 II
Burlington 
Springfield, MO 95 20 68 52 III 77 II
Warsaw 
Carthage, MO 90 20 121 12 57 III 82 I
Salem, Prairie du 
Rocher, IL 95 20 154 12 57 III 82 I
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APPENDIX D.4— Continued

*Parameters used for all limestones:
Spacing of joints: Rating = 10 (average bed thickness = 20 to 60 cm)
Condition of joints: Minimum Rating = 10 (gouge < 5 mm thick or joints open 1-5 mm, continous

joints)
Maximum Rating = 25 (slightly rough surfaces, separation < 1 mm, slightly

weathered walls)
Groundwater: Rating = 15 (dry)
Adjustment for joint orientation: -Minimum Rating = -10 (unfavorable, bedding dip 0 to 20°)

Maximum Rating = 0 (very favorable)
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